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Since the Aceh 2004 earthquake, there have been increasing concerns on the 
vulnerability of structures in Singapore and Peninsular Malaysia to Sumatra 
earthquakes. Some recent studies appear to yield high peak ground acceleration, which 
is likely attributed to the inappropriate attenuation equations used. In view of this, a 
research is carried out to evaluate the ground motion in Singapore and Peninsular 
Malaysia and the subsequent performances of gravity load designed structure. For 
Peninsular Malaysia, Kuala Lumpur have been chosen as the study area since this is 
one of the locations with dense population and many high-rise structures, and with 
similar seismic threat as Singapore. 
Probabilistic seismic hazard analysis (PSHA) has been conducted by assessing the 
existing ground motion prediction equations (GMPE) and the development of new 
equation based on recorded ground motions. Two sources have been identified as the 
contributor to earthquake hazard in Singapore and Peninsular Malaysia, namely the 
Sumatra strike-slip fault and Sunda trench subduction zone. The analysis shows that the 
seismic hazard in Singapore and Kuala Lumpur is similar, with the latter having a 
slightly larger ground motion. The peak ground acceleration in this region for 10% 
probability of exceedance in 50 years is found to be about 9 to 15.5 gal. From 
deaggregation analysis, the main contributor for the 10% probability of exceedance in 
50 years is a 7.8 Mw earthquake at 290 to 360 km, originating from the strike slip fault. 
The site specific response spectra have been developed for three sites in Singapore and 
six sites in and around Kuala Lumpur. The soil amplifications are found to be 2.5 for 
firm soil, and 4.5 to 5 for weaker soil.  
To assess the vulnerability of gravity load designed structure against far-field 
earthquake, a pushover analysis is conducted on an 18-storey frame building (as an 
viii 
 
example building for illustration), and the demand and capacity diagram is obtained. It 
is found that the structure could not meet the performance point due to local shear 
failure in the intermediate length link-beams. Experimental study is conducted on  
4 beams of intermediate length with double curvatures. The beams are expected to fail 
in shear after yielding of longitudinal reinforcement (ductile shear failure), with varying 
longitudinal and shear reinforcements, and length to depth ratios (L/h) of 3.1 and 2.5. 
The existing methods to assess the deformation capacity of the beams are found to 
produce conservative results. The result shows that the shear deformation is significant 
in these beams, with shear stiffness at yielding of only 0.1 of uncracked shear stiffness.  
To better estimate the behaviour of the beams, finite element models are 
developed using ABAQUS explicit solver. The dilation angles used are found to be 
higher than the recommended value in literature, which are 45° and 50° for L/h of 3.1 
and 2.5 respectively. The proposed improved model is able to predict the ductility and 
failure of the beams accurately. Parametric study is also conducted to assess the effect 
of varying shear reinforcement to its load-displacement behaviour. Due to its short L/h, 
non-linear strut and tie model is used to model the load-deformation capacity of the 
beams. An improvement of the existing model is proposed, which takes into account 
the significant shear deformation and slip of rebars in intermediate length beams. The 
proposed model satisfactorily predicts the behaviour of the members up to failure. 
Finally, a new shear strength model is developed, taking into consideration strain in 
longitudinal steel to predict the shear degradation in concrete member. The new shear 
strength model could be used for the determination of the deformation capacity of 
intermediate beams failing in ductile shear. 
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1.1    Background 
Earthquake hazard from long distance earthquakes in Singapore and Peninsular 
Malaysia originates from two sources, namely the Sumatra subduction zone and the 
great Sumatra fault. Singapore and Peninsular Malaysia are located north-east of 
Sumatra island, at closest distance of 450 km from the subduction zone, and 270 km 
from Sumatra strike-slip fault. This region has very low seismicity and is not known to 
include any seismic provision in the structural design. However in recent years, large 
earthquakes of 9.1 Mw (where Mw is the moment magnitude) in Acheh (2004) and  
8.6 Mw in Nias (2005) have occurred in the subduction zone. The motions caused by 
these earthquakes are attenuated through distances up to 1000 km and still resulted in 
ground motions that can be felt particularly by occupants of tall buildings on soft 
ground. In addition to the far field earthquake sources, it has been reported that tremors 
are being felt within Peninsular Malaysia due to adjustment of Bukit Tinggi fault line 
(30 km from Kuala Lumpur) after the strong earthquake in 2004 (MMD, 2011). 
In view of this, researchers have conducted probabilistic seismic hazard analysis 
(PSHA) to assess the seismic hazard of this region from far field earthquakes. From 
their study, Adnan et al. (2006a) obtained peak ground acceleration (PGA) value of  
80 to 100 gal for 500 years return period, while Petersen et al. (2004) reported 40 to 
120 gal of PGA for the same return period. However, these values are considered to be 
high by the local designers, which will result in higher building cost (Chiang and Hee, 
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2008). The main reason is that unsuitable ground motion prediction equation (GMPE) 
leads to overestimation of the actual ground motion. Hence, it is important to reassess 
the seismic hazard imposed by the earthquakes and study the vulnerability of structures 
in Singapore and Peninsular Malaysia against the seismic load. 
In buildings not designed for seismic load, the common failures of structural 
members are found to be flexure and shear due to detailing deficiencies. Shear failure is 
undesirable as it exhibits brittle behaviour due to rapid deterioration of strength and 
stiffness. FEMA-356 (1997) classified the behaviour of members to be deformation and 
force controlled, where deformation controlled action is representative of ductile 
behaviour, while force controlled action exhibits brittle (non-ductile) response. 
Currently, FEMA-356 allows shear deformation to be modeled in shear walls, while the 
shear in beams and columns are considered to be force controlled action. The 
placement of web reinforcement would allow some shear deformation; however this is 
not recognized in the code. If any shear deformation is observed in beams or columns, 
this response is neglected and the failure is considered to be brittle.   
 
1.2    Literature Review 
1.2.1    Seismic hazard analysis  
A method widely used in assessing seismic hazard of a particular location is the 
probabilistic seismic hazard analysis (PSHA), which considers the uncertainties of 
earthquake magnitude, location and rate of occurrence (Kramer, 1996). Prior to PSHA, 
deterministic method was prevalent, which considers a specific earthquake scenario 
that would control the design (Thenhaus and Campbell, 2003). However, the drawback 
of this method is that it did not provide information on the likelihood of occurrence of 
the earthquake, an input required in structural design.  
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The method in PSHA is very well established, developed by Cornell (1968) which 
outlines the probability distribution of source to site distance and earthquake 
recurrence. Since then, PSHA has evolved and included more sophisticated methods to 
determine the probability of earthquake occurrences. In general, the process of PSHA is 
described in four steps (Reiter, 1990) as follows. 
 
1. Identification of earthquake sources 
Earthquake sources can be described in three ways, namely point source, line source 
and area source as shown in Figure 1.1 (Kramer, 1996). Often, uniform probability 
distribution is assumed at each source zone, implying that any point within the zone is 
capable of producing earthquake with the same likelihood. Cornell (1968) and 
Kiureghian and Ang (1977) demonstrated the derivation of probability distribution for 
line and area sources, where line source is most suitable to be used for a specific fault 
and area source is for zones with more complex geometry. In determining the 
probability distribution for area source, the zone is divided into discrete areas and the 




Figure 1.1 Types of earthquake sources and the shape of its probability distribution, for 




2. Characterizing seismicity of earthquake source 
The seismicity of an earthquake source can be described using recurrence relation, 
which gives the distribution of earthquake size at a given time period. With reference to 
the work by Youngs and Coppersmith (1985), two models are used to describe the 
magnitude distribution of the earthquakes, namely the Gutenberg-Richter (GR) 
exponential magnitude distribution (Gutenberg and Richter, 1944) and characteristic 
earthquake model. GR model assumes exponentially decaying magnitude distribution, 
while characteristic earthquake model assumes that individual fault or segment tends to 
generate earthquakes of similar size near their maximum magnitude (Youngs and 
Coppersmith, 1985). The difference in the two models is shown in Figure 1.2. In 
general, for characteristic model, the rate of earthquake occurrence is lower at smaller 
magnitudes compared to GR model, but increases near the maximum magnitude.  
 
 






3. Determination of ground motion 
Ground motion prediction equation (GMPE) is used to determine the PGA of 
earthquake from specific location, magnitude and depth. The uncertainty of ground 
motion would then be incorporated in PSHA assuming lognormal distribution. Many 
GMPEs have been developed, often using regression analysis of recorded earthquake 
motions. Most GMPEs are developed based on earthquake data recorded within 300 km 
from the source. Some well-known GMPEs use worldwide data to develop the 
equations, namely Campbell (1997), Campbell and Bozorgnia (2003, 2008) and 
Youngs et al. (1997). Fukushima and Tanaka (1990), Boore et al. (1993) and Sadigh et 
al. (1997), used region-specific data from Japan, North America and California 
respectively for their equations.  
Among GMPEs developed for Singapore and Peninsular Malaysia are Petersen et al. 
(2004), Lam et al. (2000a), Megawati et al. (2003) and Megawati and Pan (2010). 
Petersen et al. (2004), in their research, used the GMPE of Youngs et al. (1997) for 
subduction zone and modified it for distances beyond 200 km by a factor (distance is 
measured based on rrup, closest distance to rupture). Component attenuation model 
(CAM), on the other hand, used Fourier spectrum models to develop the GMPE, which 
is a function of regional source and crustal factors (Lam et al., 2000a; Balendra et al., 
2002). Megawati et al. (2003) developed GMPE for Sumatra fault earthquakes based on 
the magnitude, distance and azimuth effects using synthetic seismograms. For 
earthquakes from Sumatra subduction zone, Megawati and Pan (2010) developed a new 
GMPE based on synthetic seismogram using regional crustal model. As there has been 
no earthquake occurring at smaller distances in this region, the validity of these 




4. Combining the uncertainties in source, recurrence and size  
The uncertainties in earthquake source, ground motion and recurrence relation are 
combined and the probability of occurrences of earthquakes can be determined. Logic 
tree method (Power et al., 1981; Kulkarni et al., 1984) is
 
often used to incorporate the 
usage of alternative models by giving proper weighting factors to each alternative. The 
determination of the weights usually reflects the confidence of the analyst to each 
model (Abrahamson and Bommer, 2005). In the application of logic tree to GMPE, 
Bommer et al. (2005) suggested the weights to be applied differently at each magnitude 
bin. For example, some GMPE may be better in predicting motions at smaller 
magnitudes, hence given more weight than at larger magnitudes. 
PSHA can be used for the determination of PGA as well as response spectrum at 
specific period by computing rate of exceedance of earthquakes from various sources. 
It is important to note that the rate of exceedance is not associated with any particular 
earthquake magnitude (M) or distance (R). In order to determine the largest contributor 
of specific M-R combination, deaggregation analysis is used (McGuire and Shedlock, 
1981; NRC, 1988; McGuire, 1995). Deaggregation will be useful in selecting ground 
motion records (based on specific M-R) for the determination of response spectrum 
(Kramer, 1996). 
 
1.2.1.1    Local site effect 
Local site condition plays a major role in the earthquake motion for structural 
design. A study by Seed and Idriss (1982) showed that PGA recorded on rock is 
comparable to soil; however, the difference is more pronounced at lower acceleration 
levels (lower than 100 gal).  
The shape of response spectrum is very dependent upon local site condition. 
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Hayashi et al. (1971) studied the effect of site condition by comparing earthquake 
records with low PGA (20 to 50 gal). The soils are divided into 3 classifications, 
namely dense sand and gravel, intermediate soil and loose soil. The study revealed that 
soil condition significantly affects the response spectrum, similar to findings by Seed et 
al. (1976). In their study, Seed et al. (1976) discovered that sites with soft, flexible soil 
yield higher spectral acceleration at periods larger than 0.4 s, compared to stiff soils. 
Mohraz (1976) performed similar study for 106 records from 16 seismic events and 
proposed typical values to describe the shape of response spectra for various soil types. 
In general, softer soil sites tend to amplify the long-period motions while stiffer soils 
will amplify the shorter-period motions. 
The effect of flexible soil is evident in the case of the famous Mexican earthquake 
of 19
th
 September, 1985. Mexico City, located 400 km from the epicenter, is heavily 
damaged compared to locations that are much closer to the epicenter. The field report 
by EEFIT (Booth et al., 1986) concluded that the motion amplified by the local site 
condition is very large, even though the motion attenuated by the distance is considered 
to be harmless. The amplification is found to be 10 times of rock site, at period of about 
2 s.  The effect is due to the 40 m soft superficial clay underlaying the city (Stone et al., 
1987), and damages medium and high-rise structures. 
 
1.2.1.2    Seismic hazard analysis for Singapore and Peninsular Malaysia 
Various studies have been done in the area of far field earthquakes and its effects 
on Singapore and the Malaysian Peninsular. The GMPEs used for the PSHA of 
earthquakes originating from the Sumatra subduction zone are mainly Youngs et al. 
(1997) and the modified Youngs model by Petersen et al. (2004). The earthquakes from 
strike- slip fault are attenuated using models by Frankel et al. (1996), Sadigh et al. 
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(1997) and Campbell and Bozorgnia (2003). Adnan and Suhatril (2009) also developed 
a new GMPE for subduction zone earthquakes using non-linear regression analysis, 
based on recorded PGA values.  
Study by Balendra and Li (2008) using deterministic seismic hazard analysis for 
Singapore resulted to maximum response acceleration on bedrock of 13.7 gal at 5% 
damping, where the largest contributor is from subduction zone earthquakes. The 
GMPE used in the study is the CAM model by Lam et al. (2000a), verified using 
recorded PGA values in Singapore (Balendra et al., 2002). Megawati and Pan (2009) 
assessed the seismic hazard posed by Mentawai segment in Sumatra subduction zone as 
it is very likely to rupture due to stress accumulation. The hazard is determined 
deterministically using crustal model and the largest PGA in Kuala Lumpur is 8.42 gal.  
Using Gumbel distribution method, Adnan et al. (2005) obtained PGA of 10 to 25 gal 
for 10% probability of exceedance in 50 years for Peninsular Malaysia. In another 
study, Adnan et al. (2006a) obtained PGA of 80 to 100 gal while Petersen et al. (2004) 
reported PGA of 40 to 120 gal using PSHA for the same return period. In 
deaggregation analysis, Adnan et al. (2006a) reported that the largest contributors of 
earthquake hazard for Kuala Lumpur are both from strike-slip and subduction zones. 
However, Petersen et al. (2004) reported that the earthquake of 7.7 Mw at 323 km 
originating from strike-slip fault is the main contributor to the hazard in Kuala Lumpur.  
Balendra et al. (2002, 2007) and Balendra and Li (2008) conducted response 
spectral analysis on three sites in Singapore, namely Marine Parade, Katong Park and 
Katong sites, all with clay layers. The soil amplification factor varied from 10 to 12, 
which resulted to spectral acceleration of 60 to 100 gal. The fundamental period of the 
soils vary from 1 to 2 s, which will affect primarily the high-rise buildings resting on it. 
However, Megawati and Pan (2009) reported an amplification of 4.8 for flexible soil in 
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southern part of Singapore at similar periods. Adnan et al. (2006b) used 4 synthetic 
time-histories to evaluate the effects of soil amplification to the ground motion in Kuala 
Lumpur. The maximum response spectrum for stiff soil is obtained as 430 gal at 0.2 s, 
while for flexible soil is 600 gal at 0.7 s. Marto et al. (2007) performed microzonation 
study for Putrajaya, Malaysia (about 30 km from Kuala Lumpur) and obtained 
maximum spectral accelerations of 500 gal at 0.3 to 0.7 s for soil class C and 650 gal at 
0.5 to 0.8 s for soil class D. Several other weak soils are identified in Bandar Puteri 
Puchong, Mutiara Damansara and Bandar Petaling Jaya in Kuala Lumpur, based on 
study done by Husen et al. (2008). Majid et al. (2007) proposed design response spectra 
for Northern Peninsular Malaysia (300 to 500 km from Kuala Lumpur) based on 
Uniform Building Code (UBC, 1997) for various soil classifications. 50 borehole data 
are collected and the soil amplifications are evaluated using Nonlinear Earthquake Site 
Response Analysis software (NERA, 2001). In the design of Penang Bridge, the PGA 
used at rock site is 75 gal, while the peak spectral acceleration is 160 gal, from a 7 Mw 
earthquake at 300 km distance (Chin, 1982).  
The macrozonation maps by Adnan et al. (2006a) have been incorporated in a 
draft document of Seismic Design Guideline produced by Malaysia’s Public Work 
Department (JKR). In comments by Chiang and Hee (2008), the guideline did not 
clearly define the far-field effects of the earthquake. The PGA values are also regarded 
as high and not practical for structures in Peninsular Malaysia.  According to Chiang 
and Hee (2008), a PGA of only 40 gal for Kuala Lumpur was proposed by Dr Jack 
Pappin of Ove Arup & Partners in a course conducted by Institute of Engineers 
Malaysia (IEM). Based on his finding, local designers might not need to incorporate the 




1.2.2    Vulnerability of existing RC structures not designed for seismic load 
1.2.2.1    Seismic performance of gravity load designed structures 
Around the world, numerous studies have been conducted to assess the 
performance of buildings not designed for seismic load (also known as gravity load 
designed, GLD). According to Beres et al. (1992), the deficiencies in reinforcement 
detailing of GLD structures are as follows. 
1. Little or no transverse reinforcement in beam-column joint 
2. Short embedment length for bottom reinforcement in beams within beam-column 
joint 
3. Minimum transverse reinforcement in columns 
4. Lightly confined column lap-splices in potential plastic hinge zones 
The overstrength and displacement ductility factors can be used in assessing 
structural performance during earthquake. The overstrength factor    is the ratio of the 
actual to the design lateral strengths (     ), while the displacement ductility factor   
is the ratio of maximum to yield displacements (       ), as shown in Figure 1.3. 
According to Elnashai and Mwafy (2002), among the main sources of overstrength are 
the difference between actual and designed material strengths, load factors and multiple 





Figure 1.3 Overstrength and displacement ductility factors (modified from Elnashai and 
Mwafy, 2002) 
 
Cornell University and State University of New York at Buffalo conducted many 
researches involving experimental and analytical studies of various structural 
components (beam-column joint, columns) and frames under cyclic and earthquake 
loading, designed using American Code (ACI 318, 1989). Bracci et al. (1995) 
conducted an experiment on a 3-storey concrete frame designed according to ACI 318 
code with non-seismic detailing. In their study, it is found that structures not designed 
for seismic load possess inherent lateral strength to resist minor earthquake, with an 
overstrength factor of approximately 3. However, for moderate to high earthquake load, 
large lateral deformation could exceed the recommended limits. The frame behaves as 
weak column-strong beam, where most damages occur in the column. El-Attar et al. 
(1997) conducted shaking table tests on GLD frames and discovered that they are 
highly flexible, which resulted to large P-Δ effects especially in weak column-strong 
beam designs. The frame failed prematurely in soft-storey mechanism, where no 
significant damages are observed in other members. In addition, slab contribution to the 




A more recent research involved the work by Lee and Woo (2002a). They 
investigated the performance of a 3-storey GLD RC frame under shaking table tests at 
low seismicity zone, designed according to Korean practice of non-seismic detailing. 
The result showed that the structure is capable to withstand much higher earthquake 
load due to high overstrength factor (8.7) and elongation of fundamental period. 
However, contrary to results obtained by American researchers, it is observed that the 
joints did not suffer bond slippage and failure of anchorage. Similar study was done by 
Lee and Woo (2002b), this time incorporating masonry infill to study its performance 
to the same structural frame. As a result, under severe earthquake load, there are no 
significant damage to the infill wall and frame, where the walls are found to contribute 
80 percent to strength and 85 percent to stiffness during the pushover test. However, the 
failure mode of the structure changed to shear failure due to bed-joint sliding of 
masonry wall. Sadjadi et al. (2007) compared the performances of 5-storey GLD, 
ductile and nominally ductile RC frames using non-linear and pushover analysis. The 
GLD structure is designed using ACI 318 code while the others are designed based on 
National Building Code of Canada (NBCC, 1995) with seismic provision. The results 
showed that the GLD frames are able to withstand low earthquake loading due to 
inherited strength. However, the contribution of slab to the strength of beam resulted to 
the domination of weak column-strong beam failure.   
 
1.2.2.2    Vulnerability of structures in Singapore and Peninsular Malaysia 
Structures in Singapore and Malaysia are designed according to British Standard 
(BS 8110, 1997) which does not include any seismic provision. Hence, several studies 
have been conducted to assess the performance of structures under seismic loading. 
Among the earlier study was done to investigate the building movement recorded by 
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instruments on top of a 26-storey condominium and a 66-storey office tower in 
Singapore during a 7 Richter scale earthquake in Sumatra at 450 km distance (Tao and 
Brownjohn, 1998; Brownjohn and Pan, 2001). It is concluded that the base shear of 
high-rise building located at flexible soil condition could exceed the notional horizontal 
load and governs the design. Balendra et al. (1999) performed pushover analysis on 3, 6 
and 10-storey frames designed according to BS 8110, with and without infill. In 
general, the structures are found to have significant overstrength and ductility due to 
redistribution of internal forces in elastic range. The overstrength factors for 3, 6 and  
10 stories are found to be 7.54, 5.55 and 2.16 repectively, while the ductility is in the 
range of 2.1 to 2.4. However, the presence of infilled walls caused the ductility to be 
reduced due to premature shear failure.  
Hau (2003) performed pushover analysis on two shear wall buildings with 16 and 
25 stories in Singapore. The structures are designed based on the BS 8110, with no 
provision on seismic design. From the capacity-demand curves, it is shown that the  
25-storey building could not withstand the seismic load from worst possible earthquake 
in Singapore due to failure of the shear wall and should be retrofitted using fiber 
reinforced polymers. Dynamic response analysis is conducted to 2, 10 and 24-storey 
RC frames designed according to BS 8110 by Kirke and Hao (2004). The seismic load 
is taken to be the maximum credible bedrock ground motion proposed by Megawati 
and Pan (2002) under local soil conditions. In their study, it is revealed that the low rise 
structure will not experience any damage, while medium to high-rise structures will be 
subjected to moderate damages. Zhijun (2006) conducted similar study on a 4-storey 
frame (representing low-rise building) and concluded that low-rise structures in 
Singapore could meet the seismic demand of the worst possible earthquake as the 
fundamental period of the building will be much lower than the period of long-distance 
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earthquakes. Balendra et al. (2007) studied the vulnerability of a 25-storey shear wall-
frame building using pushover analysis, and compared the capacity to the demand 
curves. The pushover analysis is conducted in both X and Y directions using 20 and  
30 MPa concrete cube strengths. It is revealed that the failure mode of the structure is 
local shear failure, where the structure may suffer damages along the weaker direction.  
Adnan et al. (2006c) studied the vulnerability of public buildings in Malaysia 
subjected to earthquake using non-linear dynamic analysis. Seven buildings are chosen, 
ranging from 4 to 16 stories. The research used time-history record from El-Centro 
earthquake and scaled to the required PGA. The damage index has been determined 
based on ATC-13 (1985) damage level. The findings revealed that the buildings 
experience low to moderate damage level, with local failures in beams, followed by 
columns especially in high-rise buildings. The buildings are further analysed to study 
its effects under earthquake and wind loads (Adnan and Suradi, 2008). Dynamic 
amplification factors (DAF) of the buildings are calculated based on three earthquakes 
from Sumatra subduction zone. The buildings are then subjected to static equivalent 
analysis for wind and earthquake, and earthquake dynamic spectrum analysis. The 
results showed that the DAFs are in the range of 2 to 5, the highest being structures 
located at East Malaysia. Equivalent static earthquake analysis governed the building 
response, followed by equivalent static wind analysis. The performances of buildings 
are deemed satisfactory up to 200 gal earthquake.  
The Ministry of Science, Technology & Innovation, Malaysia (MOSTI, 2009) 
conducted a nationwide study on seismic and tsunami hazards and risks in Malaysia. 
Public buildings around Malaysia are assessed on its vulnerability towards earthquake 
hazard. A total of 65 buildings have been studied, ranging from low (60% of the total 
building studied), medium to high rise using linear and non-linear dynamic analyses. 
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The report concluded that buildings suffer no significant damage due to earthquake 
loading. Nam (2008) performed equivalent static and non-linear dynamic analyses to 
18-storey residential buildings in Penang of various shapes using response spectrum by 
Majid et al. (2007). The result showed that the buildings could not meet the drift limit 
requirement of UBC (1997). However, it is observed that the structural analyses are 
done using response spectrum of near-field earthquake, where the peak response occurs 
at periods of 0.2 to 0.5 s.  
Numerous experimental studies are conducted to assess the performance of 
structural components in this region. Li et al. (2002) performed quasi-static cyclic 
loading tests on four lightly-reinforced beam-column subassemblies. It is found that the 
joints behave poorly in major earthquakes, where joint failure mechanism is likely to 
occur. However, the strength and stiffness would increase by incorporating slab into the 
analysis. Li et al. (2002, 2003) also performed similar tests on beam-wide column joints 
prevalent in structures in Singapore and Malaysia. In their studies, the lateral load 
capacity, drift and ductility are found to be unsatisfactory. However, the inclusion of 
limited seismic detailing is found to improve the behaviour of the joints. Li et al. (2009) 
studied the effects of axial load to the beam-wide column joint by testing six models 
under quasi-static cyclic load and varying axial loads. The beams are found to fail at the 
joint panel with gradual strength reduction, low stiffness and degradation of bond, due 
to slip of longitudinal bars. 
 
1.2.3    Shear strength and deformation of structural members 
1.2.3.1    Shear strength 
As discussed earlier, one of the main failure modes of GLD buildings is the shear 
failure of structural members. When shear load imposed to the structure exceeds its 
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capacity, shear cracks will develop which reduces its load carrying capacity. The shear 
capacity of reinforced concrete member is dependent upon an important parameter 
which is the shear span to depth ratio (a/d), also known as the moment (M) to shear (V) 
ratio (a/d = M/Vd). When the shear span to depth ratio of a member is larger than 4, the 
member will fail in bending (flexural failure), while for a/d of less than 2, the member 
is expected to fail in shear. However, when a/d is between 2 to 4, one could expect the 
failure to be due to the formation of flexural crack followed by shear failure, usually 
termed flexural-shear or ductile shear failure.  
To determine the shear strength of a member, several models have been 
developed, namely strut-and-tie model and semi-empirical models from experimental 
work. Strut-and-tie model uses truss analogy to idealize the stress distribution in 
structure, where the reinforcements act as tension ties, while the concrete forms 
diagonal compression struts. This method is suitable for D- (disturbed or discontinuity) 
regions, where the Bernoulli’s hypothesis of linear distribution of strain (plane sections 
remain plane) is violated (Collins and Mitchell, 1986). 
Shear strength of structural members is contributed by the shear resistance of 
concrete (Vc), contribution from axial load (Vp) and the shear resistance of transverse 
reinforcement (Vs), which follows the relationship in Equation (1.1).  
             (1.1) 
where            . The shear contribution of concrete is by far the hardest to 
determine, hence many studies have been dedicated to estimate its capacity. ACI 318 
(1995) specifies that the shear strength of concrete and contribution from axial load are 
as shown in Equation (1.2), based on semi-empirical relation. 
 
      (  
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)     (1.2) 
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where   is the applied axial load. Other equations have been proposed by many codes 
and researchers such as Aschheim and Moehle (1992) using similar method.  
Another theory widely accepted to model shear behaviour of structure is called 
the modified compression field theory (MCFT). MCFT is developed based on three 
relationships, namely equilibrium, compatibility and constitutive relations. This 
method, developed by Vecchio and Collins (1986), requires analyst to solve  
15 equations to calculate the shear strength of concrete member (Figure 1.4).  
 
  
Figure 1.4 Equations of MCFT (Bentz et al., 2006) 
 
MCFT is found to be more accurate as the angle of the diagonal compressive strut 
( ) is to be calculated iteratively, as opposed to the usual assumption of 45 degrees for 
ease of calculation. This model also takes into account the principle tensile stresses in 
concrete (f1) between cracks. In addition, the principal compressive stress (f2) 
relationship is developed based on experimental work and is a function of principal 
compressive strain ε2 and coexisting principle tensile strain ε1.  
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1.2.3.2    Shear deformation 
In order to assess the performance of structure, it is evidently important to model 
the structure as closely possible to its actual behaviour. Modeling of flexural and axial 
deformation of structure is straightforward, owing to the well-established concepts 
used. However, there is very limited study done to model the full shear deformation of 
structural member (beam and column). For beams without shear reinforcement, the 
failure is found to be brittle due to lack of ductility; however, the placement of shear 
reinforcement improves the post-peak behaviour under shear load. Currently, most of 
the studies deal with the determination of the ultimate shear strength of structural 
members based on tests, as it is the only information needed for member design.  
Duong et al. (2007) tested a 1 bay, 2-storey frame with shear deficient detailing. 
The frame is loaded in single cycle consisting of forward and reverse loads applied at 
the second storey beam. The damage observed is flexural cracking before the beams 
fail in shear. Guner and Vecchio (2010) performed pushover analysis on a 7-storey 
shear-critical frame using three softwares namely SAP2000 (2011), RUAUMOKO 2D 
(2012) and TEMPEST (Vecchio, 1987). By modeling the structure using default hinge 
properties, SAP2000 and RUAUMOKO predicted the failure of the frame to be 
flexural, while TEMPEST predicted sudden shear failure. It is found that when analyst 
is able to anticipate the shear behaviour of the structure, user-defined shear hinges 
could be introduced to the model which will improve the estimation significantly. This 
procedure is acceptable for simple frames, but increases in difficulty when the structure 
becomes more complex.  
In properly designed structure, the strength requirement is reduced via ductile 
inelastic flexural response of plastic hinges at the ends of structural member during 
seismic events. When a member is inadequately reinforced in shear, either brittle or 
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ductile shear failure could occur, as shown in Figure 1.5. Brittle shear failure occurs 
when the shear demand exceeds the initial shear strength, and the flexural strength 
could not be reached. When the shear force corresponding to flexural strength is more 
than the residual strength but did not exceed the initial shear strength, the ductile shear 
failure will occur.  
Ductile shear failure occurs when plastic hinges form in the member and reduces 
the shear strength as crack widens. Several researchers described the degradation of 
shear strength in terms of displacement ductility, as given by Priestley et al. (1994) in 
Equation (1.3). 
     √      (1.3) 
where k depends on the displacement ductility level (0.29 for ductility = 2 and 0.1 for 
ductility = 4), and Ae = 0.8Ag. Using this method, failure occurs at the intersection 
between the demand and the capacity curves. Similar approach has been introduced by 
Choi and Park (2010) to assess the strength degradation of beams using analytical 
method. Their method was verified using numerous beams tested under cyclic and 
monotonic loads with length to depth ratio of larger than 4.   
 
 
Figure 1.5 ATC-6 model for interaction between shear strength and ductility (modified 








Sezen (2000) proposed the lateral load-shear displacement model based on 
analytical study which compares well with experimental results (Figure 1.6). In general, 
the shear deformation of structural member can be calculated based on few important 
points, namely the uncracked shear region, shear displacement at the point of cracking, 
shear displacement at yield point, the point of maximum shear strength and shear 
displacement at axial load failure. Patwardhan (2005) compared the shear displacement 
model using MCFT, model by Sezen (2000) and Lehman and Moehle (2000) with 
experimental results and found that the model using MCFT gives the best estimation of 
shear behaviour of the member, followed by model by Sezen (2000). 
 
 
Figure 1.6 Proposed monotonic lateral load-shear displacement model (Sezen, 2000) 
 
To investigate the ductile behaviour of beams in shear, Chung and Ahmad (1994) 
developed a nonlinear finite element analysis and compared the result with 
experimental work and MCFT. In general, it is found that MCFT gives good agreement 
for normal strength concrete; however the result is questionable for concrete with high 
strength. 
Vecchio (2000) performed tests on shear critical beams with a/d from 3.32 to 5.8 




















concluded that MCFT could estimate the behaviour of beams very well, especially with 
reinforcement ratios exceeding 0.1%. In order to obtain good correlation, two limits 
have to be imposed in the model, namely the post cracking tensile stresses and shear 
slip along surface of crack.  
Vecchio and Shim (2004) tested 12 beams subjected to monotonically increasing 
point load at center of the beams. When the beam does not have any transverse 
reinforcement, the failure is a sudden diagonal tension, where no ductility is observed 
beyond peak load. However, when some reinforcements are provided (up to 0.2%), the 
beam experiences flexural-shear failure, and exhibits more ductile failure mechanism 
beyond the peak load. The experimental results for load-deflection are compared to 
finite element analysis, and good correlation is observed especially in the expected 
failure modes of the beams.  
 
1.2.4    Strut and tie model 
An alternative method for the determination of shear strength of reinforced 
concrete member is the strut and tie model (STM). This method uses truss analogy to 
represent flow of stress in a structural member. In STM, the internal stresses are 
calculated based on force-equilibrium. Tension force in the reinforcement is carried by 
ties while concrete compression is represented by struts, each having specified 
geometrical properties. However, conventional STM emphasizes on force based failure 
criteria of strut, tie and nodes and did not consider the inelastic deformation of the 
member (Eom and Park, 2010).  
STM has been used for the design of disturbed regions such as deep beams and 
corbel. As it involves the representation of complicated member components into series 
of struts and ties, the force path is simplified and analysis could be solved as a truss 
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model. As opposed to the conventional STM, a more complicated non-linear STM, if 
correctly modeled, could determine not only the maximum strength, but also the 
inelastic behaviour of the member. 
A non-linear STM has been developed by To (2005) to accurately simulate the 
non-linear behaviour of structural members under monotonic and cyclic loadings. The 
ability of concrete to carry small tensile force is also included in the model, and the 
sizing of members is discussed. The model developed is tested on reinforced concrete 
cantilever beam, column and joints and are shown to be in good agreement to 
experimental results. However, the STM does not include strength degradation of 
concrete under cyclic loading, hence could not capture the ductility level of the 
members.  
Park and Eom (2007) developed non-linear STM for RC members where the 
shear resistance provided by reinforcing bars (Vs) is higher than the applied shear force 
(Vu). Some failure mechanisms are included in the analysis, namely concrete crushing 
and failure due to buckling and tensile fracture of reinforcing bar. However, the truss 
model did not simulate the concrete contribution to shear resistance of compression 
zone and did not include the tensile strength provided by concrete due to tensile 
stiffening. Hence, this model is not suitable for members failing in shear or exhibiting 
flexural-shear failure.  
Li and Tran (2008) introduced non-linear STM that includes concrete contribution 
in the shear resistance, and the model is tested against beam failing in brittle shear. It is 
generally found that a model that does not include concrete contribution gives a very 
conservative result in the member capacity. The concrete contribution to shear capacity 
is given by the ACI 318 code and does not take into account the degradation of 
concrete strength to the structural capacity. 
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1.3    Objective and Scope of Study 
The objective of this study is to assess the vulnerability of GLD high-rise building 
in Singapore, Kuala Lumpur and vicinity under earthquake loading from far-field 
sources. To achieve this objective, the thesis covers the following scope. 
1. Assessing the seismic hazard in Singapore, Kuala Lumpur and vicinity on 
different soil sites: PSHA is performed and a design response spectrum is 
proposed for sites on hard rock. The effects of soil amplification are studied on 
different soil sites in Singapore and Kuala Lumpur. 
2. Evaluating capacity of high-rise building not designed for seismic load: An  
18-storey frame structure is modeled and analysed under pushover load to assess 
its performances under seismic force. The focus is on intermediate length beams, 
which are the structural members found to have deficiency in shear.  
3. Evaluation of deformation capacity of structural member: Using theoretical 
methods, the beams in part (2) are found to fail in ductile shear with very little 
deformation capacity. Hence, experimental study is conducted to evaluate the 
ductility of the member. A finite element model is developed and validated using 
the experimental results. 
4. Improvement of the non-linear strut and tie model (STM): The existing non-linear 
STM is improved to better evaluate the shear deformation as well as shear failure 
of intermediate length beams. The non-linear STM is validated based on the 
experimental results and other published work on intermediate length beams. 
5. Development of shear deformation model for intermediate length link beams: The 
capacity and demand curves for link beams are developed based on the 
experimental results.  
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6. Re-evaluation of capacity of high-rise building: The capacity of the 18-storey 
building is re-evaluated using the shear deformation model developed.  
 
1.4    Research Significance 
After Sumatra 2004 earthquake that causes tremors in surrounding countries, 
engineers are now more aware of the vulnerability of structures against far-field 
earthquake, especially in high density cities such as Singapore and Kuala Lumpur. 
Most studies conducted in this area focus on the failure of main lateral load resisting 
members such as columns and shear walls. This thesis focuses on shear failure of 
intermediate length link-beams (length to effective depth ratio, L/d between 2 to 4), for 
which relatively few studies have been reported. Even though the failure of such link 
beams causes local failure of structure, the repetitive use of these beams in high-rise 
buildings may result in ‘domino-effect’; i.e. the failure of these beams in many floors 
could not only cause hazard to occupants but also adversely change the overall 
structural behaviour. As there is lack of research in this topic, experimental tests and 
theoretical studies are undertaken to investigate the behaviour of intermediate length 
link-beams in high-rise buildings under lateral load. The main contributions of this 
research are as follows: 
1. Seismic study for Singapore and Peninsular Malaysia regions is relatively new: 
Existing GMPEs developed based on other regions are found to yield 
unreasonably high PGA when they are applied in this area. Hence, a new GMPE 
is proposed for earthquakes from subduction zone based on regression analysis of 
35 earthquake records. A significant finding from the records analysed is that the 




2. Arising from the proposed GMPE, more realistic PGA values are proposed for 
structural design in Singapore and Kuala Lumpur, 9 to 15.5 gal specifically for 
10% probability of exceedance in 50 years (500 years return period). By 
comparison, PGA values currently considered for seismic design in Kuala 
Lumpur region are deemed to be too high, with the value of 40 to 100 gal on rock 
site. 
3. There has been insufficient experimental study for intermediate length link 
beams, where L/d is between 2 and 4. Most of the experimental tests on link-
beams were done for short beams (L/d < 2) and slender (long) beams (L/d > 4). 
Hence, there is a need to study the load-deformation response of beams that fall 
between these short and long beams category. The experimental study presented 
in the thesis is another significant contribution to address the lack of experimental 
data. Arising from the experimental results, a new shear degradation factor of 0.1 
is proposed for shear stiffness (GA) of intermediate length beams after cracking, 
which results in significantly larger shear deformation than conventionally 
calculated. 
4. An improved strut-and-tie model (STM) is proposed by including shear 
deformation and slip of reinforcement bars in the model. This is necessary as 
shear deformation and slip tend to be large for intermediate length link-beams and 
would affect the deformation capacity.  
5. A new shear capacity equation is proposed, which includes shear strength 
degradation with the increase in axial strain of longitudinal reinforcement. The 
proposed shear capacity equation enables the use of beam theory for intermediate 
length beams to obtain the demand curve, provided all deformation components 
and the plastic hinge length are appropriately modeled. When the shear capacity is 
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plotted against the demand, the overall load-deformation behaviour of a beam 
member could be obtained.  
 
1.5    Organization of Thesis 
This thesis contains 8 chapters, where Chapter 1 provides the research 
background, objectives and research significance, while Chapter 2 discusses the results 
of PSHA for Singapore and Kuala Lumpur. Chapter 3 deals with seismic hazard 
assessment, which includes the development of site-specific response spectra and 
pushover analysis of the case study, an 18-storey frame. In Chapter 4, the structural 
component found to be insufficient in shear capacity is tested and the results are 
discussed. Chapter 5 discusses the development of finite element model, which is 
validated using results from experimental work. The improvements of strut and tie 
model is presented in Chapter 6, based on the experimental work in Chapter 4 and tests 
conducted by other researchers on intermediate length beams. In Chapter 7, shear force-
deformation model for intermediate length beams is developed and implemented to  
re-analyse the deformation capacity of the case study. Finally, Chapter 8 presents the 





PROBABILISTIC SEISMIC HAZARD ANALYSIS  
FOR SINGAPORE, KUALA LUMPUR AND VICINITY 
2.1    Ground motion prediction equation (GMPE) of the region 
Seismic hazard in Singapore and Peninsular Malaysia mainly comes from two 
sources, namely the Sumatra subduction zone and strike-slip fault. 
  
2.1.1    Sumatra subduction zone 
Sumatra subduction zone is one of the most active plate tectonic margins in the 
world, where the Eurasian and Indian/Australian plates converge in oblique north-
westward direction (Prawirodirdjo et al., 2000). Since year 2004, nine major earthquake 
events with moment magnitude of 7 and higher had occurred along this zone. Among 
them are the large Acheh earthquake (9.1 Mw) and Nias earthquake (8.6 Mw).  
Few GMPEs have been developed for this region. To investigate the suitability of 
the equations, available GMPEs are compared to ground motion records in Singapore 
and Peninsular Malaysia from 7 seismic stations located on granite. The data for 
Singapore are obtained from Meteorological Service Singapore, while the data for 
Peninsular Malaysia are from the Malaysian Meteorological Department (MMD). 
MMD keeps the records starting from 2004, and the recordings are corrected and 
filtered appropriately. 
There are 9 significant earthquake events that occurred from 2004 to 2010 with 
magnitudes of 7.2 to 9.1 Mw and depths of less than 35 km (Table 2.1). The magnitude 
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and epicentral distances are based on preliminary determination of epicenters (PDE) 
catalogs of US Geological Survey (USGS, 2010). The recorded PGA values are 
obtained from 6 seismic stations in Peninsular Malaysia, while the data from Singapore 
are from the two largest earthquake events (years 2004 and 2005). The attenuation 
effects are considered to be similar in both countries due to its proximity to each other. 
In this study, only horizontal component accelerograms are analysed, and the larger 
PGA value from the North-South and East-West directions are selected. A total of  
35 earthquake records from 9 events are listed in Table 2.1. 
The PGA calculated using GMPEs are compared with the measured values  
(Table 2.1). In general, it is found that for the largest earthquake magnitude, all models 
overestimate the motion due to long rupture plane (more than 400 km, based on the 
model by Megawati and Pan, 2009). For 9.1 Mw, component attenuation model (CAM 
by Lam et al., 2002a) gives the best estimate while the model by Megawati and Pan 
(2010) gives the largest error. As the magnitude reduces, Megawati gives better 
estimation at smaller distances, while CAM is more accurate at distances larger than 
650 km. The errors generated are around 50% to 200% for both models. Generally, 
GMPE by Petersen et al. (2004) overestimates the PGAs of larger magnitude 


































(b)/(a) (c)/(a) (d)/(a) 
26/12/2004 
(0:58:53) 
9.1 FRM 641 0.9663 2.6213 1.1114 1.1810 2.71 1.15 1.22 
IPM 591 1.1976 3.1633 1.6634 2.0030 2.64 1.39 1.67 
KGM 842 0.4655 1.6782 0.4204 0.3231 3.61 0.90 0.69 
KUM 575 0.8007 3.4675 2.0216 2.5812 4.33 2.52 3.22 




8.6 FRM 529 1.7473 3.5286 4.6545 16.5467 2.02 2.66 9.47 
IPM 526 1.2505 3.3829 4.2562 9.9957 2.71 3.40 7.99 
KGM 701 1.2848 2.2620 1.7667 7.9515 1.76 1.38 6.19 
KUM 539 1.1711 3.1625 3.6850 11.7433 2.70 3.15 10.03 




8.5 IPM 1013 0.3499 0.8871 0.2419 0.1576 2.54 0.69 0.45 




7.9 IPM 788 0.4508 0.6112 0.3454 0.3029 1.36 0.77 0.67 





7.4 IPM 595 0.3910 0.4615 0.6355 0.6543 1.18 1.63 1.67 
25/02/2008 
(8:36:35) 
7.2 IPM 779 0.1029 0.2045 0.1347 0.1402 1.99 1.31 1.36 




7.8 FRM 509 0.6889 1.1151 1.9165 1.9563 1.62 2.78 2.84 
IPM 498 0.4077 1.1539 2.0766 2.1309 2.83 5.09 5.23 
KGM 689 0.2460 0.6721 0.5608 0.5273 2.73 2.28 2.14 
KOM 749 0.2509 0.5768 0.3821 0.3495 2.30 1.52 1.39 
KUM 508 0.4087 1.1174 1.9257 1.9664 2.73 4.71 4.81 




7.2 FRM 626 0.1744 0.3049 0.3919 0.4351 1.75 2.25 2.49 
IPM 564 0.2381 0.3641 0.6217 0.6920 1.53 2.61 2.91 
KGM 834 0.0745 0.1789 0.0936 0.1034 2.40 1.26 1.39 
KOM 897 0.0715 0.1544 0.0624 0.0688 2.16 0.87 0.96 
KUM 542 0.3087 0.3890 0.7369 0.8214 1.26 2.39 2.66 




7.3 FRM 818 0.1725 0.2198 0.1210 0.1125 1.27 0.70 0.65 
IPM 949 0.0657 0.1625 0.0532 0.0488 2.48 0.81 0.74 
KGM 770 0.0911 0.2470 0.1658 0.1549 2.71 1.82 1.70 
KOM 783 0.0755 0.2390 0.1516 0.1414 3.17 2.01 1.87 
KUM 1021 0.0461 0.1387 0.0345 0.0313 3.01 0.75 0.68 
PYSM_B0 785 0.0882 0.2378 0.1496 0.1395 2.70 1.70 1.58 
 
 
As the existing GMPEs give large overestimation, there is a need to develop a 
new GMPE for this region based on available records. As the records are within a 
narrow range of magnitudes (from 7.2 to 9.1 Mw) and for far field earthquakes 
(distances greater than 450 km), it is sufficient to provide a simple model based on the 
magnitude and distance. With reference to Joyner and Boore (1981), Fukushima and 
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Tanaka (1990) and Youngs et al. (1997), the attenuation model considered is shown in 
Equation (2.1).  
   (   )          (     (   ))            (2.1) 
where PGA is the peak ground acceleration, M is the earthquake magnitude, R is the 
source-to-site distance and   ,   ,    and    are the regression coefficients. This 
relationship is valid for shallow earthquakes with focal depth of around 30 km. At large 
distances, the term    (   ) will be negligible compared to R, and Equation (2.1) will 
be reduced to Equation (2.2). 
   (   )         ( )            (2.2) 
The attenuation of wave amplitude by geometrical spreading and internal friction 
at long distances is best represented by this model, as explained by Fukushima and 
Tanaka (1990). A two-step stratified regression analysis has been employed to obtain 
the decay coefficient,   . This method was first introduced by Joyner and Boore 
(1981), to avoid the interaction between the decay coefficient and coefficient of 
magnitude,    (Fukushima and Tanaka, 1990).  
Following method outlined by Sharma (1998), the first step involves linear 
regression analysis of the simplified attenuation model shown in Equation (2.3). 
   (   )         (2.3) 
where b and c are the regression coefficients. The decay coefficient (b) considering the 
whole data set is obtained as 0.002012. Next, the b value is recalculated for each 
individual earthquake, and the average value is calculated to be 0.002478. As the two 
methods yield similar values, the decay coefficient is taken as 0.002478 and used as 
coefficient a2 in Equation (2.2). 
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Multiple regression analysis has been performed using the PGAs of earthquake 
events recorded in Singapore and Peninsular Malaysia based on Equation (2.2) to 
obtain Equation (2.4).  
   (   )           ( )                       (   )  (2.4) 
where PGA is in gal, M is the moment magnitude, R is the source to site distance in 
kilometers, and   represents the randomness of source parameter, which is a function of 
its standard deviation,     (   ) of 0.3917. The developed GMPE is compared with the 
recorded data, with distances of 400 to 1000 km (on rock site). In general, the recorded 
acceleration values fits well within ±1 standard deviation of the proposed model.  
The proposed GMPE is then compared with CAM and Megawati’s GMPE, as 
shown in Figure 2.1. Modified Youngs model by Petersen is not included in the 
analysis since the unit of distance used is different from the other three equations. The 
plots from Figure 2.1 show that Megawati’s model gives smaller PGAs at smaller 
distances, while CAM gives smaller values at larger distances. The proposed GMPE 
gives a lower-bound of the predicted PGA. However, since the proposed GMPE is 
developed based on limited number of data, validation is required when new data is 





Figure 2.1 Comparison of new GMPE with recorded PGA  
 
2.1.2    Sumatra strike-slip fault 
Sumatra fault is about 1900 km long, spanning the entire length of Sumatra 
island. Sumatra fault is a lateral strike-slip fault, with slip rate of 6 to 27 mm/year, 
accelerating to the west (Petersen et al., 2004).  
Different GMPEs have been developed by researchers, which take into account 
the fault mechanism and hanging wall effects. The model by Frankel et al. (1996) are 
developed for distances up to 1000 km, while models by Fukushima and Tanaka 
(1990), Sadigh et al. (1997) and Campbell and Bozorgnia (2003) are developed for near 
field earthquakes and might not be suitable for application in this region. GMPE by 
Megawati et al. (2003) is developed for Sumatra fault earthquakes based on the 
magnitude, distance and azimuth effects using synthetic seismograms. In order to study 
the suitability of the GMPEs, recorded data from seismic stations in Peninsular 
Malaysia are compared with the predicted PGAs. Ten records from three significant 


























It can be seen from Figure 2.2 that GMPEs by both Frankel and Campbell give 
very large overestimation of PGA (up to 70 times). The GMPE by Megawati also 
overestimates the PGA. Megawati’s model incorporates the effect of source to site 
azimuth measured from the strike plane. This is very difficult to be included in PSHA 
and would yield large error if not properly calibrated. Generally, CAM and 
Fukushima’s model yield very similar result and are able to predict the PGA with 
reasonable error. Sadigh’s model, on the other hand, gives an overestimation of PGA at 
distances larger than 300 km, but gives the lowest prediction at nearer distances. Since 
the data from earthquakes with distance of less than 300 km are not available, CAM 
and Fukushima’s model will be used in PSHA as they both give higher PGA compared 
to Sadigh’s model. 
 
 
Figure 2.2 Comparison of all GMPEs for strike-slip fault at 6 Mw 
 
2.2    Probabilistic seismic hazard analysis (PSHA) 
In conducting PSHA, several steps need to be conducted, which are (i) compiling 
and processing earthquake catalog, (ii) development of seismic source model and  
























2.2.1    Compiling and processing earthquake catalog  
2.2.1.1    Earthquake catalog 
Historical earthquake records of Sumatra have been compiled to assess the 
seismicity of this region. The recordings are obtained from several earthquake catalogs, 
namely (1) PDE catalog (USGS, 2010), (2) EHB catalog (Engdahl et al., 1998),  
(3) Pacheco and Sykes (1992), (4) Geller and Kanamori (1977), and (5) NOAA's 
National Geophysical Data Center Significant Earthquake Database (NGDC, 2010). 









E and with magnitudes larger than 5 Mw. After 
consolidation of all the data in the catalogs and removal of duplications, 5324 
earthquake events have been included in this analysis. 
In addition to that, 27 earthquake records originating from Peninsular Malaysia 
have been obtained from Malaysian Meteorological Department (MMD, 2011) and 
Shuib (2009) with magnitude ranges from 2 to 3.5 Mw. Most of the earthquakes 
occurred in 2007 and 2008, and only 1 record in 2010. From these, 12 are independent 
events where only 6 are located within 30 km from Kuala Lumpur. 
 
2.2.1.2    Processing the data 
The earthquake magnitudes are transformed to a consistent base unit (moment 
magnitude) using relationship outlined by Scordilis (2006). To ensure that the 
earthquake events are Poisson distributed (independent earthquake sources), the 
foreshocks and aftershocks are removed using window algorithm by Gardner and 
Knopoff (1974). After removal of foreshocks and aftershocks, a total of 896 data are 
left for analysis (Figure 2.3). Magnitudes between 5 and 7 Mw are considered to be 




Figure 2.3 Map showing segmental areas for Sumatra fault (zone 1) and Sumatra 
subduction zone (zone 2), and independent earthquakes in this region 
 
2.2.2    Development of seismic source model 
There are four potential earthquake sources for Singapore and Kuala Lumpur 
area, namely the strike-slip fault (zone 1), subduction zone (zone 2), deep earthquake 
associated to subduction zone (zone 3) and the Sunda intraplate (zone 4). The 
seismicity of the zones is best described using the Gutenberg-Richter recurrence 
relationship, denoted by Equation (2.5). 
           (2.5) 
where N is the annual number of events of magnitude M, and a and b are the 
Gutenberg-Richter constants.  
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2.2.2.1    Strike-slip fault (zone 1) 
The regional b-value of the fault is obtained as 1.1   0.1, calculated using 
maximum likelihood method for 174 independent events (Figure 2.4(a)). This value is 






Figure 2.4 The recurrence relationship for (a) strike-slip fault, (b) subduction zone, and 
(c) deep earthquakes 
 
The strike-slip fault is divided into 20 major segments by Sieh and Natawidjaja 
(2000), with lengths varying from 35 to 200 km. However for this study, due to the 
location of site and the length of the faults, some of the segments are combined and 













M ≥ 5, 174 events  
b = 1.1 ± 0.1 













M ≥ 5, 281 events  
b = 0.76 ± 0.013 













M ≥ 5, 129 events  
b = 0.89 ± 0.07 
a = 5.9 
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Table 2.2. Earthquakes from strike-slip fault have a maximum magnitude of 7.8 Mw, 
and closest distance of 275 km from Kuala Lumpur.  
 
Table 2.2 Data and fault source parameters for Sumatra fault (strike-slip) (modified 
from Sieh and Natawidjaja, 2000 and Natawidjaja and Triyoso, 2007) 
Fault Location Slip rate Length Mmax 
ID Name Y1 Y2 (mm/yr) (km) (Mw) 
1B Aceh & Seulimeum 4.4 5.4 10 230 7.4 
1C Tripa 3.4 4.4 27 180 7.7 
1D Renun 2 3.5 27 220 7.7 
1E Toru 1.2 2 24 95 7.4 
1F,G Angkola & Barumun 0.3 1.8 19 160 7.6 
1H Sumpur 0 0.3 23 35 6.9 
1I,J Siano & Sumani -0.7 0.1 23 90 7.3 
1K Suliti -1.75 -1 23 95 7.4 
1L Siulak -2.25 -1.7 23 70 7.2 
1M Dikit -2.5 -2.4 11 60 7.2 
1N Ketaun & Musi -3.35 -2.75 11 85 7.3 
1P Manna -4.35 -3.8 11 85 7.3 
1Q Kumering -5.3 -4.35 11 150 7.6 
1R Semangko -5.9 -5.23 11 65 7.2 
 
2.2.2.2    Subduction zone (zone 2) 
The recurrence relationship for the subduction zone is shown in Figure 2.4(b), 
based on 281 events with depths of less than 100 km. The b-value obtained is  
0.76   0.013, which is within the range of 0.6 to 0.9 reported by Irsyam et al. (2008). 
The small b-value indicates that the subduction zone is capable to produce high 
earthquake hazard (Irsyam et al., 2008).  
The subduction zone is divided into four segments, 2A to 2D, based on the spatial 
distribution of the epicenters (Megawati et al., 2005) as shown in Figure 2.3. The 
maximum earthquake possible for this zone is set as 9.2 Mw, proposed by Petersen et al. 
(2004). The largest event recorded occurred in zone 2A in year 2004 with the 
magnitude of 9.1 Mw. 
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2.2.2.3    Deep earthquakes (zone 3) 
Earthquakes originating from subduction zone with depth of more than 100 km 
are analysed as deep earthquakes. There are 129 events from this source since 1964 
with magnitudes of more than 5, giving b-value of 0.89 ± 0.07 (Figure 2.4(c)). The 
maximum magnitude of earthquake is 7.8 Mw, based on study by Petersen et al. (2004). 
 
2.2.2.4    Sunda intraplate (zone 4) 
Singapore and Peninsular Malaysia rests on stable Sunda plate, with ancient faults 
reported to be inactive by Department of Geoscience and Mineral Malaysia (DGMM, 
2008). However, after 2007, there have been tremors recorded from these faults 
believed to be due to post-seismic motion from large earthquakes in Sumatra (Acheh 
2004, Nias 2005 and Bengkulu 2007). The post-seismic motions in Peninsular Malaysia 
indicate that there exists a fault line separating the northern and southern part of 
Peninsular Malaysia (Omar et al., 2010). Several small earthquakes with magnitudes of 
2 to 3.5 Mw have been reported at the Bukit Tinggi, Jerantut and Kuala Pilah areas 
since 2007 (Jhonny et al., 2010), with epicenteral distances of 25 to 200 km away from 
Kuala Lumpur. Fatt et al. (2011) reported that these earthquakes are associated with 
faults that exist in Peninsular Malaysia, shown in Figure 2.3. 
There is an ongoing study to assess whether the Bukit Tinggi fault line has been 
activated. In a reply to a local newspaper, Malaysian Meteorological Department 
reported that the maximum magnitude of earthquake is unlikely to be more than 5 Mw 
(MMD, 2011). As the historical earthquake data is very short (5 years), it is difficult to 
determine its seismicity. However, the motion from the worst possible earthquake event  
(5 Mw at 30 km from Kuala Lumpur) will be assessed separately and compared with the 
hazard from long distance earthquakes. 
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2.2.3    Performing PSHA 
PSHA computes the probability of exceedance of the PGA in the evaluation of 
seismic hazard while combining the effects of uncertainties of earthquake size, location 
and frequency. In assessing the hazard in Singapore and Peninsular Malaysia, PSHA is 
conducted for zones 1 to 3, while zone 4 has been omitted due to the unavailability of 
seismic data. The average exceedance rate is computed using Equation (2.6). 
     ∑   ∫∫ ,   
 |   -   ( )   ( )     
  
     (2.6) 
where     is the average exceedance rate for a particular value, y*, of ground motion 
parameter Y, NS is the number of potential earthquake sources,    is the seismic activity 
rate (depends on earthquake model) of each source i,  ,    |   - is the probability 
that Y will exceed y* obtained from the predictive relationship (GMPE) given 
magnitude m and distance r, and    ( ) and    ( ) are the probability density 
functions for m and r respectively.  
Equation (2.6) is equivalent to Equation (2.7), assuming that each source is 
capable of generating only NM different earthquake of magnitude mj at only NR different 
source to site distances, rk. 
     ∑ ∑ ∑    ,   
 |   -  [    ]  ,    -
  
   
  
   
  
     (2.7) 
For subduction zone, the probability of source to site distance  ,    - is 
calculated based on the areas shown in Figure 2.3. Each zone is divided into discrete 
areas and the histogram is determined based on distance (R) calculated to the middle of 
each element considering uniform distribution. For each zone, the probability that the 
magnitude will be within an interval between lower bound ml and upper bound mu is 
given by Equation (2.8).  
  ,       -  ∫   ( )        .
     
 
/ (     )
  
  
  (2.8) 
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With reference to work by Youngs and Coppersmith (1985), two models are used 
to describe the magnitude distribution of the earthquakes, namely the Gutenberg-
Richter (GR) exponential magnitude distribution and characteristic earthquake model. 
GR model assumes the earthquake recurrence to decay exponentially with increase in 
magnitude. The probability density function (PDF) of earthquakes with magnitude m 
using truncated GR model is as described in Equation (2.9). 
  
  ( )  
    ,  (      )-
     ,  (         )-
 (2.9) 
where the upper and lower bound magnitudes are given as mmax and mmin respectively, 
and         . The seismic activity rate,   , is given as      (       ) where 
        . 
Characteristic earthquake model assumes that a fault or segment tends to generate 
repeatedly the maximum earthquake of about half magnitude unit (Youngs and 
Coppersmith, 1985). The PDF is shown in Equation (2.10). 
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 (2.10) 
where the magnitude of characteristic earthquake    is taken as         , 
representing uniform distribution of earthquake within     units from    ,       
and        . The constant C is given in Equation (2.11). 
 
  
    ,  (           )-
     ,  (       )-
    (2.11) 
The seismic activity rate for characteristic part of the PDF,   , is given in 
Equations (2.12) to (2.14), while for exponential part,     , is given in Equation (2.15). 
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 (2.15) 
where   is the shear modulus of rock (3x1011 dyne/cm2), Af is the fault rupture area and 
S the slip rate of fault. c is taken as 1.5 (Hanks and Kanamori, 1979) and   
    is the 
seismic moment for mmax, given as                . The difference between 
PDF of GR and characteristic earthquake models is as shown in Figure 2.5 (Convertito 
et al., 2006). For characteristic earthquake model, the PDF is assumed to be uniformly 
distributed in the magnitude range of mc to mmax.  
 
 
Figure 2.5 Magnitude PDF for GR and characteristic earthquake models (Convertito et 
al., 2006) 
 
The logic tree used in performing PSHA is given in Figure 2.6 for zones 1 and 2. 
The magnitude distribution models of Gutenberg-Richter (GR) exponential and 
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characteristic earthquake are both given a likelihood of 0.5, as proposed by Irsyam et 
al. (2008) for this region.  
 
 
 (a) (b) 
Figure 2.6 Logic tree used in PSHA for (a) strike-slip fault and (b) subduction zone 
 
GMPE by Atkinson and Boore (2003) for in-slab earthquake is used for deep 
earthquakes originating from the subduction zone. The distance defined in this model is 
the closest distance to fault surface, while the depth is limited to 100 km to prevent any 
overestimation.  
 
2.3    PSHA results 
2.3.1    Peak ground acceleration 
The PGAs of Singapore and Kuala Lumpur for 10% probability of exceedance in 
50 years (500 year return period) are 9 gal and 15.5 gal respectively, while for 2% 
probability of exceedance in 50 years (2500 year return period), the PGAs are 
calculated to be 13 gal and 23 gal respectively. The earthquakes originating from strike-
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slip fault (zone 1) are found to be the larger contributor to the seismic hazard, due to 




Figure 2.7 Hazard curves for (a) Singapore and (b) Kuala Lumpur from different 
sources 
 
These values are found to be smaller compared to previous studies done by 
Petersen et al. (2004) and Adnan et al. (2006a), who reported a PGA of 40 to 100 gal 
for 10% probability of exceedance in 50 years. The main reason is due to the difference 
in GMPEs used in this study, which is based on measured data. The value is also found 
to be about half the PGA proposed in the Singapore National Annex for seismic design 
(17.5 gal); however, no detailed calculation for Singapore National Annex is available 
to make a comparison. A possible reason is that, as the national code of practice, the 
recommended value could be based on a more conservative estimate. It is generally 
found that the results reported herein compare relatively well with deterministic hazard 
analyses performed by Balendra and Li (2008) for Singapore (PGA of less than 5 gal) 
and Megawati and Pan (2009) for Kuala Lumpur (PGA of 8.4 gal), and in line with 





































































































2.3.2    Deaggregation 
Deaggregation analysis returns the largest contribution towards the ground motion 
by the magnitude and distance combination. Thus, the mean annual rate of exceedance 
as a function of magnitude, m, and source to site distance, r, is given in Equation (2.16). 
 
   (     )   [    ]  ,    -∑   [   
 |     ]
  
   
 (2.16) 
As shown in Figure 2.8, the seismic hazard for Singapore for 10% probability of 
exceedance in 50 years is due to a 7.8 Mw earthquake from strike-slip fault located  
360 km from the site. In Kuala Lumpur, the seismic hazard of similar return period is 
also due to earthquake from strike-slip fault, with magnitude of 7.8 Mw at 290 km. 
 
 
Figure 2.8 Deaggregation analysis of PGA for earthquake of 500 years return period for 
Singapore 
 
The findings from deaggregation are similar to what was obtained by Petersen et 
al. (2004), who reported that the hazard is contributed mainly by the earthquake from 

















































2.4    Development of design response spectra 
For near field earthquakes, the peak of the acceleration response spectrum occurs 
at periods of less than 0.5 s. However, research shows that for regions affected by far-
field earthquakes (for example Peninsular Malaysia and Singapore), the peak spectral 
acceleration could be between 1.5 to 2 seconds (Balendra and Li, 2008; Megawati and 
Pan, 2010). Thus, there is clearly a need to develop a region-specific response spectrum 
that would take into consideration the effects of long period waves. 
The response spectrum for far-field earthquakes is developed based on the model 
by Megawati and Pan (2010), using the magnitude-distance combination as obtained 
from deaggregation analysis (7.8 Mw earthquakes at 360 km and 290 km for Singapore 
and Kuala Lumpur respectively). It is assumed that the maximum acceleration is 3 
times the PGA (Lam et al., 2000b). However, using the model will yield smaller PGA 
and subsequently the response spectral acceleration (RSA). Hence, the RSA from the 
model is scaled to the expected maximum RSA (3 times the PGA), and the envelope of 
response accelerations are shown in Figure 2.9 for 500 years return period. Table 2.3 
gives the peak spectral values for Singapore and Kuala Lumpur on bedrock. This result 
is comparable to that obtained by Lam et al. (2009), who uses stochastic model to 
simulate the response spectra for Singapore based on deterministic analysis. He 
reported that the maximum response spectral acceleration to be 13 gal on bedrock, 





Figure 2.9 Design response spectra (5% damping, 500 years return period) for bedrock 
in Singapore and Kuala Lumpur due to far-field earthquakes 
 
Table 2.3 Peak spectral values for Singapore and Kuala Lumpur on bedrock  
(5% damping, 500 years return period) 
Parameter Singapore Kuala Lumpur 
Maximum spectral acceleration (gal) 27.0 46.5 
Maximum spectral velocity (cm/s) 8.6 11.8 
 
Even though the PGA from PSHA is considerably small, the motion could be 
further amplified by the flexible soil sites. Further study should be conducted to access 
the spectral acceleration on selected soil types which is dependent upon the site period, 
before analysis of structure founded on flexible soil is made. 
A simple analysis is done to illustrate the difference in contribution of earthquake 
sources to the response spectrum. The response spectrum for the worst possible 
earthquake in the Bukit Tinggi fault (5 Mw at 30 km) is computed using the GMPE by 
Sadigh et al. (1997) as the mean + 1σ for Kuala Lumpur. The spectrum is then 
compared to the design response spectrum from far field earthquake in Figure 2.10. It is 



















acceleration demand to structures of lower periods (0.2 s), and the far-field earthquakes 
will govern the design of long period structures. 
Eurocode 8 (EC 8, 2004) stated that seismic design is not required for regions of 
very low seismicity, where the bedrock PGA is less than 40 gal. Using the values 
recommended by EC 8, the response spectrum on bedrock is calculated based on PGA 
of 40 gal and is shown in Figure 2.11. The response obtained from EC 8 is compared to 
the response acceleration in Kuala Lumpur region from far field and local earthquakes. 
As shown in Figure 2.11, the seismic load due to local earthquake is considered to be 
low and does not need to be designed for as it lies within the envelope of response 
spectrum of EC 8 for very low seismicity. However, even though the PGA from far 
field earthquake is considerably smaller, the higher period structures would need to be 
designed for seismic load as it exceeds the limit imposed by EC 8. Similar finding is 
also observed for far-field earthquakes in Singapore. 
 
 
Figure 2.10 Comparison of acceleration response spectra due to local and far field 























Figure 2.11 Acceleration response spectrum by EC 8 for very low seismicity region, 
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SEISMIC HAZARD ASSESSMENT 
3.1    Site Specific Response Spectra 
The magnitude of peak ground acceleration (PGA) from far-field earthquake is 
relatively low, as shown in Chapter 2. However, local soil properties could amplify the 
motion further, possibly damaging the structure resting on it. This effect is apparent for 
high-rise building resting on very flexible soil, where its fundamental period coincides 
with the period of the soil.  
Eastern part of Singapore rests on Kallang formation, consisting of soft marine 
clay and mud. The soils are usually backfilled with sand before building structures on 
top, hence the periods of these soils are often in the range of 1 to 1.5 s. Major areas in 
Kuala Lumpur are underlain by limestone formation, known as Kuala Lumpur 
limestone. It is commonly found at the depth of 50 m (Tan, 1988), to extreme depths of 
100 m. The overlaying soils in Kuala Lumpur consist of alluvial deposits, mine tailings,  
man-made fills, organic mud and peat, and residual soils of various rock formations 
(Mansor, 2003). Some geological problems encountered during construction in Kuala 
Lumpur are, among others, collapsed weak soil above limestone bedrock and very 
flexible soils due to mine tailings (Tan, 2006). Another area of interest is Klang, 
located approximately 20 km west of Kuala Lumpur city center. This is also a 
developed area, where construction is done over soft silty clay called Klang clay. In a 
soil study conducted by Tan et al. (2003) for a development project, the site is overlain 
by alluvial deposit consisting of very soft to firm silty clay up to 30 m deep.  
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To obtain site specific response spectra, several procedures need to be conducted, 
namely collecting and processing soil data, development of modified time history and 
ground response analysis based on input time history. The following sections describe 
the steps for the development of response spectra for Singapore, Kuala Lumpur and its 
vicinity. 
 
3.1.1    Soil data 
Wave propagation along the soil strata is highly dependent upon the shear wave 
velocity of the upper 30 m of the soil (BSSC, 2001; UBC, 1997). The shear waves in 
far field earthquakes are of long periods, as the shorter periods are damped out as they 
travel over long distances. Propagation of the waves through soil layers could be 
amplified by resonance when the fundamental period of soil is similar to the dominant 
period of the waves (Balendra et al., 2002). As flexible soils possesses high natural 
periods (similar to the incoming waves), they are more affected by the far-field 
earthquakes compared to hard soils. Hence, in this research, profiles of flexible soils 
with high natural periods are selected for the analysis. 
In Singapore, three areas in the east of the island are found to have high period, 
namely Marine Parade (Site S-1), Katong Park (Site S-2) and Katong (Site S-3). The 
soil profile of the three sites are analysed based on the data from Balendra et al. (2002). 
For Kuala Lumpur and its vicinity, 4 borehole data have been collected namely Sungai 
Besi (Site KL-1) and Subang (Site KL-2) for normal soil condition and Klang (Site  
KL-3) and Banting (Site KL-4) for clay soil deposits. In addition to the collected 
borehole data, additional soil profiles are obtained from study by Marto et al. (2011), 
taken at Kuala Lumpur city center, named sites KL-5 and KL-6. The locations of the 




Figure 3.1 Locations of sites KL-1 to KL-6 
 
The data collected consists of standard penetration test (SPT) values and soil 
profiles. Since it is uncommon to conduct in-situ tests for shear wave velocity (Vs), the 
values of Vs are computed based on the SPT values using empirical formulas. Adnan et 
al. (2007) propose the average of two relations by Ohta and Goto (1978) and Imai and 
Tonouchi (1982) which gives the best estimate of the Vs values. The soil profiles of the 
sites are presented in Figure 3.2 for Singapore and Figure 3.3 for Kuala Lumpur sites.  
 
  






















































(c) S-3  
Figure 3.2 Soil profiles of sites in Singapore 
 
  
(a) KL-1 (b) KL-2 
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(e) KL-5 (f) KL-6 
Figure 3.3 Soil profiles of sites in Kuala Lumpur  
 
3.1.1.1    Soil classification 
Classification of soil conditions for seismic assessment is available in many 
seismic codes. In general, soils are classified based on the shear wave velocity of top  
30 m (Vs,30). The sites are classified based on Eurocode 8 (EC 8, 2004) where very hard 
rock is classified as class A while very weak soil with shear wave velocity of less than 
100 m/s is of class E. The period of the soil, T1, with thickness H is approximated as 
T1=4H/Vs. The summary of site properties is shown in Table 3.1. 
 
Table 3.1 Properties of selected sites in Singapore and Kuala Lumpur 
Site 
Weighted average 




S-1 229.0 0.69 D 
S-2 175.8 1.08 D 
S-3 145.4 1.46 D 
KL-1 200.6 0.48 C 
KL-2 216.0 0.39 C 
KL-3 200.0 0.90 D 
KL-4 190.5 0.94 D 
KL-5 115.0 1.00 D 







































3.1.1.2    Other soil properties 
Whenever data are unavailable, the unit weight is estimated using recommended 
values by Coduto (1999) based on soil type. The areas in the east of Singapore are 
largely overlain by soft marine clay, and the plasticity index (PI) is taken as 50%. Chen 
and Tan (2003) reported that the PI of Klang clay varies from 20 to 80%. Thus, in this 
study, the PI of clay for sites KL-3 and KL-4 are taken as 50% for fat clay (high PI) 
and 30% for lean clay (medium PI). For other sites, the average PI of clay is taken as 
15%, representing a much lower plasticity and swelling potential. Finally, the shear 
wave velocity of bedrock is estimated based on Subramanian (2008), taken as  
1000 m/s. 
 
3.1.2    Development of modified time-history 
The new time-histories are obtained by modifying the original time-histories to 
match a target spectrum. This procedure is done using SeismoMatch V1.0.3 (2011) 
which is based on methodology proposed by Lilhanand and Tseng (1987, 1988) and 
original computer code by Abrahamson (1992) and Hancock et al. (2006) using time 
domain method. The steps in the development of synthetic time history are outlined as 
follows. 
 
1. Selection of initial time-histories 
Time history records are selected based on the characteristic design earthquake 
(magnitude M and distance R), and type of faulting. In this study, the characteristic 
earthquake obtained from deaggregation of PSHA is a 7.8 Mw at approximately 300 km 
originating from Sumatra fault. Ground motion data are obtained from Pacific 
Earthquake Engineering Research Center (PEER, 2014) and the Center for Engineering 
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Strong Motion Data (CESMD, 2014) for combinations of M and R in the ranges of 7.5 
to 8.5 Mw and 250 to 400 km respectively. There are five earthquake records from four 
events with the specified M-R combinations and are shown in Table 3.2. 
 
Table 3.2 Summary of properties of selected horizontal records 
Record 
Scale factor  
for PGA Event Year Station M (Mw) Mechanism R (km) 
Spore KL 
1 0.58 1.18 
Michoacan, Mexico 1985 
Cerro De Piedra 
8.1 Unknown 
344.3 
2 0.58 0.87 La Venta 320.2 
3 0.61 1.50 Kocaeli, Turkey 1999 Bornova 7.51 Strike- slip 315.9 
4 0.54 0.86 Denali, Alaska 2002 
Anchorage – Fire 
station #1 
7.9 Strike- slip 266.6 
5 0.71 1.27 
Off the East Coast of 
Honshu, Japan 
2011 Ichinoseki-E 7.5 Unknown 329 
 
2. Scaling of time history 
The time-history obtained are scaled to the target PGA (9 gal and 15.5 gal for  
500 years return period for Singapore and Kuala Lumpur respectively). The limit of 
scaling factor for PGA proposed by researchers varies from 1 (no scaling) to 10 (Luco 
and Bazzurro, 2007). The higher the scaling factor used, the larger bias in the result is 
observed. Hence, the scaling factor for PGA is kept to the minimum to ensure correct 
simulation of earthquake motion. The scaling factors used are shown in Table 3.2, 
where the PGA is scaled by a factor of 0.5 to 1.5. 
 
3. Modify the frequency content to match the smoothed design spectrum 
The scaled time histories are modified using time domain to match the spectral 
acceleration at rock site using SeismoMatch (2011). This step is necessary to ensure 
that the input ground motions fit the spectral acceleration developed, as each 
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earthquake motion is very different. The modified response spectra of the five 
earthquake records are shown in Figure 3.4 for Kuala Lumpur. 
 
   
(a) Earthquake records 1 to 3 (b) Earthquake records 4 and 5 
Figure 3.4 Modified (matched) response spectra of 5 earthquake records for Kuala 
Lumpur at 5% damping 
 
3.1.3    Ground response analysis 
The wave propagation is based on a one-dimensional ground response analysis, 
where the soil is assumed to extend infinitely in horizontal direction. Thus, the ground 
motion responses are predominantly due to vertical wave from the bedrock. This 
assumption is shown to be accurate with measured responses (Kramer, 1996), 
particularly for level or gentle sloping sites, which is similar to this study. The ground 
response analysis is conducted using DEEPSOIL V5.0 (2011), developed by University 
of Illinois at Urbana Champaign which is capable of performing equivalent linear and 
non-linear site response analysis. For this study, equivalent linear analysis is used, 
based on the work of Idriss and Seed (1968) as employed in the widely used program 
SHAKE91 (Idriss and Sun, 1992). 
10
100











































3.1.3.1    Required soil properties 
In equivalent linear model, shear modulus and damping values are important 
parameters needed for the analysis. Shear modulus (G) is the slope of shear stress with 
respect to the strain, and the maximum shear modulus (Gmax) represents the slope of the 
initial (elastic) stress-strain curve. The stiffness of soil, therefore, is represented by the 
modulus reduction, G/Gmax, which depends on soil plasticity. A highly plastic soil is 
observed to degrade slower than soil with lower plasticity. Another important 
parameter that depends on the PI is the soil damping ratio, ζ. Soil with high PI exhibits 
lower damping ratio. Thus, for these two parameters, relationships by Vucetic and 
Dorby (1991) are used for clays with PI of 15, 30 and 50%, the mean curve of Seed and 
Idriss (1970) is used for sand and relationship by Schnabel et al. (1972) is used for 
gravel. The graphs of G/Gmax and ζ are shown in Figure 3.5 and Figure 3.6 respectively, 
for various strains and soil types. 
  
 























Figure 3.6 Graph of damping ratio versus shear strain for various soil types 
 
3.1.4    Result of site specific analysis 
Ground response analysis is conducted for the soils from three sites in Singapore 
and six sites in Kuala Lumpur using five input ground motions which are modified in 
the previous section. For each site, five results are obtained, and the mean of the 
response spectra is calculated as shown in Figure 3.7. The maximum response 
acceleration for Singapore at 5% damping is 0.14 g, while for Kuala Lumpur is 0.22 g 
for soil class D.  The motion peaks at the soil period, which is around 0.5 s for soil  
class C and 1 to 2 s for soil class D. Site S-3 produces highest amplification compared 
to the others as the overlaying soils are marine clay with high PI, resulting to lower 
damping of the input motion. It is also possible that the period of the soil coincides with 
the period of the earthquakes, resulting to higher amplification factor compared to other 
soils of similar class. Figure 3.8 shows the amplification factor of different sites, 






























(a) Singapore (b) Kuala Lumpur 
Figure 3.7 Response spectra at 5% damping 
 
  
(a) Singapore (b) Kuala Lumpur 
Figure 3.8 Average soil amplification at 5% damping  
 
In countries effected by long-distance earthquakes, buildings residing on flexible 
soils will be more susceptible to the motion as the soil period will coincide with the 
period of incoming earthquake. As there are very limited data available, the envelope of 
response spectra should be used (instead of a single data) for a better approximation of 
the earthquake demand. The response spectra will be in accordance to different soil 














































































spectral acceleration of different soil classes, which are dependent on the amplification 
factor, A, period, T1, and the damping correction factor,  . 
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 (3.1) 
The amplification factor A is obtained from the analysis and is shown in  
Table 3.3. Based on the analysis, it is found that the amplification factor is slightly 
higher for Singapore compared to Kuala Lumpur for the same soil class (flexible soil), 
which are 5 and 4.5 respectively. According to study by Balendra et al. (2002), the 
amplification factor for weak soil subjected to long distance earthquake could reach up 
to 12 in Singapore soil, however this is not observed in this analysis. The period, T1, is 
used based on the limiting soil period for classes C and D. For soil in Singapore, it is 
found that the period of the weakest soil is higher due to its deep clay layer. The 
damping correction factor ( ) given by EC 8 should be used for both soil classes C and 
D, and the values are shown in Table 3.4.  
It should be noted that the values in Table 3.3 are based on very limited soil data, 
hence a more thorough study need to be conducted to obtain the actual amplification for 
both Singapore and Kuala Lumpur. In this research, the envelop provides an average 
estimation of the soil response and could be used as a reference value when no other 
data is available for analysis.  
 
Table 3.3 Amplification factor (A) and corresponding periods (T0 and T1) for soil 
classes C and D in Singapore and Kuala Lumpur 
Soil class Amp. Factor, A T0 T1 
D (S’pore) 5 0.8 2.2 
C (KL) 2.5 0.3 0.8 




Table 3.4 Damping correction factor, μ, based on different damping ratios 
Damping ratio 5% 6% 7% 8% 
Eurocode 8 (Eq. 3.6) 1 0.95 0.91 0.88 
 
 




(a) soil class C (b) soil class D 
Figure 3.10 Response spectral acceleration for soil classes C and D in Kuala Lumpur at 

















































3.2    Pushover analysis 
3.2.1    General assumptions 
3.2.1.1    Structural and material modeling 
In assessing the capacity of structures under seismic load, appropriate 
assumptions need to be made during modeling, especially in determining the material 
properties and boundary conditions. In this analysis, the structure is considered to be 
fixed at the base, and the interaction between soil and foundation is not considered.  
The specific gravity of concrete is taken as 24 kN/m
3
 and the modulus of 
elasticity (Ec) of the concrete is determined using Equation (3.2) for normal weight 
concrete. 
        √    (3.2) 
where f’c is the cylinder compressive strength of concrete, 0.8 of the cube strength 
(units in MPa). The ultimate compressive strain is taken as 0.004, as recommended by 
Paulay and Priestley (1992).  
Under seismic load, the structure is expected to undergo large cracking, 
particularly at the member ends, hence the moment of inertia (Ig) is significantly 
reduced. The value of moment of inertia will vary along the length depending on 
severity of the cracking; however, an average value should be taken to model the 
behaviour of the structure. Paulay and Priestley (1992) recommended the effective 
moment of inertia (Ieff) to be 0.4Ig for beams and 0.6Ig for columns. The horizontal load 
resisting elements are considered to have large in-plane stiffness hence assumed to be 
of rigid diaphragm. 
Two types of non-linearities are included in the analysis, namely the non-linear 
material behaviour and geometry. In general, structural members are modeled as linear-
elastic, with lumped plasticity at member ends. Hence, material non-linearity in terms 
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of moment-curvature relationship is only located at the ends of the member via plastic 
hinges. Geometric non-linearity is the moment magnification due to gravity load 
undergoing lateral displacement (second order effect). If the second order effect is 
ignored, the displacement of the structure due to lateral load is underestimated.  
   
3.2.1.2    Pushover analysis using SAP2000 
Non-linear static (pushover) analysis is used to evaluate structural capacity under 
lateral load, using SAP2000 V5.1 (2011). This software is capable of modeling 2-D and 
3-D structures, providing graphical user interface for ease of result interpretation. In 
modeling the lateral load pattern, FEMA-356 (1997) specifies the vertical distribution 
of seismic forces based on the period of the structure as given in Equation (3.3). 
   
 
 
    
 
∑     
  
   
 (3.3) 
where      is the ratio of lateral load applied to floor  ,    is the total load of floor  , 
   is the height from base to floor  , and    and    are the load and height from base 
for floors  . k is a constant, 2.0 for structural period (T) larger than 2.5 s and 1.0 for T 
less than 0.5 s (FEMA-356; IBC, 2006). k value is interpolated for T between 0.5 and 
2.5 s. 
For pushover analysis, frames are modeled as beam elements with lumped 
plasticity using plastic hinges. The locations of plastic hinges are shown in Figure 3.11 





Figure 3.11 Plastic hinge locations for beams and columns (Inel and Ozmen, 2006) 
 
The length of the plastic hinge (  ) for beams is taken as half of the depth of the 
member (0.5h), while for column is taken as 1.0h as recommended by Park and Paulay 
(1975). Moment hinges are assigned to the beams while axial load-moment interaction 
hinges are assigned to the columns. The input required for plastic hinge definition is as 
shown in Figure 3.12. In the force-deformation relation, points A to B represent the 
linear elastic range, where B is the effective yield point. The strain hardening of the 
member is represented by points B to C, where the slope is usually 0 to 10% of the 
elastic slope. The strength degrades significantly at point D, however beyond point E, 
the strength is reduced to zero. 
 
 




















𝑙𝑝   plastic hinge length 
ℎ𝑏𝑒𝑎𝑚   beam depth 












The input required for the column is the axial load-moment interaction diagram 
for the moment in the major and minor axes, and the moment curvature. During 
pushover analysis, the axial load in the column will vary with the load applied to the 
structure. Hence, SAP2000 allows the input for multiple moment curvature curves at 
different axial loads. Shear deformation is suppressed in the analysis. 
 
3.2.1.3    Failure identification 
The failure of the structure is identified when one of the following occurs. 
1. Excessive reduction in ultimate strength of structure, where the ultimate 
strength drops below 80% of its peak value. 
2. Formation of collapse mechanism in the structure 
3. Overall interstorey drift exceeds 2%, which signifies global failure of structure 
4. Local shear failure occurs in columns, beams or joints.  
The shear strength of beams and columns are calculated using ACI 318, as given 
in Equations (1.1) and (1.2). The shear strength reduction factor is given as 0.85  
(ACI 318), to take into account possibility of lower concrete strength and defects 
during construction. The effect of axial force in the beams is neglected as 
recommended by Aktan and Bertero (1985). 
 
3.3    Case study 
The case study is an 18-storey residential building in Kuala Lumpur, and there are 
several of such buildings in and around the state. This structure is a frame building, 
with storey height of 2.6 m. There are 4 apartment units in each block, starting from the 




3.3.1    Structural modeling 
The layout and elevation plans of a single block are shown in Figure 3.13 and 
Figure 3.14. In each residential area, there will be other similar blocks, staircases and 
lift cores connected via beams attached to columns 1/D and 1/E on one side, and 5/D 
and 5/E on the other. Expansion joints are placed along the connection to adjacent 
blocks; hence each block is designed and modeled as a single unit. The area enclosed in 
grid 1-5/D-E is a walkway (open space). 
 
 
Figure 3.13 Structural layout plan of the 18-storey building 
 
The locations of infill walls are shown in Figure 3.14(c). Full infill walls are only 
located along grid 3/B-G, while other infill walls have some openings, which are doors 
or windows. The columns are of varying sizes, the smallest is 450x450 mm located at 
the edges of the building, while the largest is 450x1450 mm, located at grids 3/C and 
3/F. 
The dead loads of the structure consist of self weight of all structural members, 
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finishes of 1.2 kN/m
2
 and partition load of 1.0 kN/m
2
. All slabs are of 100 mm thick, 
with unit weight of 24 kN/m
3
. Live load imposed to the structure is 1.5 kN/m
2
. For the 
pushover analysis, factors of 1.0 and 0.4 are used for the dead and live loads 
respectively. Hence, the factored gravity load for a typical floor is 5.2 kN/m
2
 and  
4.2 kN/m
2











3.3.1.1    Material property 
The structure is a reinforced concrete frame, infilled by clay brick walls as 
internal partitions. Concrete cube compressive strength (fcu) is taken as 25 MPa as 
specified in the as-built drawing of the structure. The low concrete strength is typical of 
old buildings constructed in this region. The modulus of elasticity (Ec) of the concrete 
is calculated to be 21.15 GPa using equation by Paulay and Priestley (1992). The 
ultimate compressive strain of unconfined concrete is taken as 0.004, with stress-strain 
curve shown in Figure 3.15(a).  
The yield strengths of longitudinal and transverse steel reinforcements are  
460 MPa and 250 MPa respectively. The modulus of elasticity of the steel 





Figure 3.15 Stress-strain relationship of (a) concrete and (b) steel reinforcement 
 
3.3.1.2    Structural members 
1. Columns and beams 






































drawing of the building. The assumption that reinforced concrete column is unconfined 
will yield conservative result if adequate transverse reinforcement is provided for the 
structure. FEMA-356 stated that a column can be considered as confined if the 
maximum spacing of transverse reinforcement does not exceed h/3 or 8db, where h is 
the depth of crossection and db is the diameter of longitudinal bar. Hence, the 
compressive strength of confined concrete is calculated using stress-strain model by 
Mander et al. (1988).  
The stiffness of the beams is calculated based on flanged section property. Based on 
FEMA-356, the  width of effective flange is taken as the smaller of (1) the width of 
flange, (2) 8 times the flange thickness, (3) half of the distance to adjacent beam, and 
(4) one fifth of beam length. Depending on the transverse reinforcement provided, the 
confined concrete (cylinder) strength is in the range of 20 to 20.8 MPa, while the 
ultimate strain is from 0.018 to 0.02. 
 
2.  Infill wall 
In Malaysia, the common type of infill is clay brick, bonded together by a layer of 
mortar (also referred to masonry by FEMA-356). Based on FEMA-356, the expected 
compressive strength (fme) of average masonry condition is 5.4 MPa, and the modulus 
of elasticity is taken as 550fme, which equals to 2960 MPa. This value is similar to 
average clay brick masonry compressive strength obtained by Kaushik et al. (2007) 
based on experimental tests. The stress-strain behaviour of the infill wall is obtained 
using modified Kent-Park model (Priestley and Elder, 1983), developed for unconfined 
masonry and is illustrated in Figure 3.16. The average mortar strength is taken as  





Figure 3.16 Stress-strain behaviour of clay brick masonry 
 
To determine the stiffness of the masonry infill, the infills are modeled as pin ended 
diagonal compression strut with width,  , given by FEMA-356 in Equation (3.4). The 
thickness of the wall is taken as 100 mm. 
        (  ℎ   )
         (3.4) 
where    (
            
            
)
   
,     and     are the modulus of elasticity of infill and 
column respectively,      is the thickness of infill,      is the moment of inertia of the 
column and ℎ   , ℎ   ,      and   are as shown in Figure 3.17. All units are in kips and 
inch. 
 
Figure 3.17. Equivalent strut model of infill wall 
 
The locations of infill walls are as illustrated in Figure 3.14(c). The infill walls are 

















    










3.3.2    Pushover analysis 
Non-linear static (pushover) analysis is used to evaluate structural capacity under 
lateral load. For the case study, as the framing system is irregular in the two directions, 
the structure is modeled as 3-D, using SAP2000 V5.1 (2011) capable of modeling static 
and dynamic analyses.  
 
3.3.2.1    Load 
The distribution of lateral load is calculated using FEMA-356, based on the 
period of the structure. As the structure is symmetrical, the mode of vibration 
considered in this analysis is only in X and Y directions. The lateral load is applied at 
the center of mass of the building. The effect of accidental eccentricity is not 
considered in this analysis.  
 
3.3.2.2    Hinge properties 
For pushover analysis, frames are modeled as beam elements with lumped 
plasticity, modeled using plastic hinges. The locations of plastic hinges are calculated 
using the relationship by Inel and Ozmen (2006). The lengths of plastic hinges (  ) for 
beams and columns are taken as 0.5h and 1.0h respectively, where h is the depth of the 
member. Moment hinges are assigned for the beams while axial-moment interaction 
hinges are assigned for the columns. The values of moment curvature for beams are 




Table 3.5 Moment-curvature values of beam sections (units: kN, m, rad) 
 
Top compression Bottom comp 
Beam My Mu φy φu My Mu φy φu 
B1 101.9 123.7 0.01639 0.17308 101.9 123.7 0.01639 0.17308 
B2 439.1 443.4 0.00909 0.04505 130.3 155.7 0.01493 0.18519 
B3 463.9 493.1 0.01170 0.06711 288.9 347.7 0.00699 0.16393 
B4 600.6 605.9 0.01202 0.04505 292.0 352.3 0.00813 0.17241 
B5 291.4 321.9 0.01079 0.09709 197.7 238.2 0.00909 0.17544 
B6 153.4 188.2 0.01149 0.17544 153.4 188.2 0.01149 0.17544 
B7 138.5 166.5 0.01163 0.17544 138.5 166.5 0.01163 0.17544 
B8 199.0 229.1 0.01351 0.14286 199.0 229.1 0.01351 0.14286 
B9 47.5 60.2 0.00735 0.20408 192.3 202.0 0.01000 0.06849 
B10 228.6 266.0 0.00730 0.11494 154.1 187.2 0.01250 0.16964 
B11 340.1 369.2 0.00974 0.07519 154.1 190.1 0.01370 0.17925 
 
The inputs required for the column are the axial load-moment interaction diagram 
for the moment in major and minor axes and the moment curvature. During pushover 
analysis, the axial load in the column will vary with the load applied to the structure. 
Hence, SAP2000 allows the input for multiple moment curvature curves at different 
axial loads. The axial load-moment interaction diagrams for the columns are shown in 
Figure 3.18 for bottom floor columns. As the reinforcement varies at different floor 
levels, the interaction diagram is determined for all reinforcement configurations. Shear 








Figure 3.18 Axial load-moment interaction diagram of bottom floor columns for (a) X 
and (b) Y axes 
 
For the infill brickwall, the most common failure mode is shear cracking, where it 
is controlled by shear strength of mortar joints and tensile strength of the bricks. The 
infill shear strength is calculated based on FEMA-356, as shown in Equation (3.5). 
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expected gravity compressive force applied to the wall, and    is the area of net 
mortared section of wall. The shear strength (   ) is the product of     and   . To 
model the inelastic property of the infill wall, compression hinges are applied at the 
middle of the diagonal strut, with the compressive strength to be the smaller of the 
shear strength of the wall (converted to axial force acting diagonal to the strut) and the 
compressive strength (fme). It is found that the shear strength will govern the capacity of 
the walls. The wall will be able to carry axial load post-cracking, hence the maximum 
drift that could be sustained by the wall before losing its load carrying capacity is 
calculated based on Table 7.9 of FEMA-356. For a typical floor height, the maximum 
force is obtained as 271.9 kN, with yield displacement of 5.45 mm.  
 
3.3.2.3    Shear strength of beams and columns 
The shear capacity of beams and columns are calculated using ACI 318, based on 
concrete section and reinforcement provided. Table 3.6 shows the shear capacity of 
beams and columns. The shear reinforcement provided for columns varies with floor 
levels, thus the values shown are only for bottom storey since it has to resist the highest 
shear forces. The member labels are based on Figure 3.13. The shear reinforcement 
provided for beams and columns are 10 mm and 8 mm diameters respectively. The 
shear strength of beams and columns are manually checked to ensure that the shear 
force induced to the structural members does not exceed its shear capacity. 
 
Table 3.6 Shear capacity of beams and columns in X and Y directions 
Member Label b (mm) h (mm) s (mm) Vx (kN) Vy (kN) 
Column C1 450 450 350 133.6 145.4 
 C2 450 1270 300 560.1 657.9 
 C3 900 600 350 436.5 399.6 
 C4 450 1200 350 497.2 570.8 
 C5 450 1450 350 606.6 862.2 
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Member Label b (mm) h (mm) s (mm) Vx (kN) Vy (kN) 
Column C6 450 600 300 249.9 263.3 
 C7 450 1200 350 462.5 570.8 
Beam B1 300 600 250 180.2 172.1 
 B2 300 525 250 153.4 146.1 
 B3 300 525 200 170.4 163.7 
 B4 300 525 150 197.0 190.2 
 B5 300 525 200 170.4 163.7 
 B6 300 600 250 179.6 171.0 
 B7 300 550 250 163.4 156.3 
 B8 225 525 250 131.8 122.8 
 B9 225 525 250 131.8 122.8 
 B10 300 600 225 187.8 179.3 
 B11 300 600 225 187.8 179.3 
 
3.3.3    Results and discussions  
Pushover analysis is conducted for both X and Y directions. From modal analysis, 
the cracked period of the structure in the X and Y directions are 1.4 s and 2.15 s 
respectively. As shown in Figure 3.19, the building is found to be stiffer and have 
higher strength in the X direction, however with more ductility in Y direction. Based on 
preliminary analysis of pushover load in the X direction, the building will undergo 
local shear failure of beams at base shear to weight ratio (V/W) of 5.6%, and column 
shear failure at 14%. Column shear failure is considered to be catastrophic especially at 
the bottom floor as it is the main gravity as well as lateral loads resisting member, and 
shear failure is considered to be brittle. No mechanism is observed upon shear failure of 
the column. When the building is loaded in the Y direction, the structure tends to be 
more flexible, allowing the structure to undergo larger displacement before failing in 
shear at the bottom floor columns. Failure occurred at V/W of 8.6%, with a ductility 
factor of 1.8. Considering local shear failure of the beams, the overstrength factor in the 
X and Y directions are calculated as 2.7 and 5.4 respectively, based on the factored 
wind load (1.2Wk).  
The demand and capacity diagram of the building in the X direction is also shown 
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in Figure 3.19. The demand curve is based on the design response spectrum as 
developed earlier for flexible soils in Kuala Lumpur. The effective damping of the 
system is calculated to be 5.97%, based on the method outlined by ATC-40 (1996). As 
shown, the local shear failure of the beams occurred before reaching its performance 
point (intersection between the demand and capacity curves). From the preliminary 
analysis, it shows that the beams would need to be retrofitted to ensure the demand 
could be met. None of the columns has yielded at the performance point, indicating the 
desirable strong column and weak beam design.  
In Y direction, the effective damping is calculated as 5.77%. At the performance 
point, the roof displacement is 175 mm with corresponding base shear of 7.5% of 
building weight. The structure is found to be adequate under the applied load in  
the Y direction, as shown in Figure 3.19. 
 
 
 Figure 3.19 Demand and capacity diagram in X and Y directions 
 
One of the failure identification in pushover analysis as discussed in the previous 
section (section 3.2.1.3) is local shear failure of beam. Although failure of the beams 




















member to not be able to participate in lateral load resistance. Failure of the beams 
would also cause hazard to the occupants of the building. Moreover, as the plan of 
typical residential building is repetitive at every floor, shear failure of the beams in a 
storey will cause shear failure of beams in subsequent floors, similar to domino effect. 
Hence, the effect of local shear failure of beams will be discussed further. 
 
3.3.3.1    Shear failure of intermediate length beam (B7) 
Beams located at grids 1/D-E, 3/D-E and 5/D-E are beams with detailing labeled 
B7. The clear span of the beam (L) is 1700 mm, and the depth of the beam (h) is  
550 mm. The ratio of clear span to beam depth (L/h) is 3.1, well below the ratio for 
common (slender) beam of 4. This type of beam is considered intermediate length, 
which falls between the definitions for slender (L/h > 4) and deep (L/h < 2) beams. As 
beam reduces in length, the shear demand on the member will increase, requiring more 
shear reinforcement. However, the beam is similarly detailed as slender beam, with 
shear reinforcement of 10 mm diameter and spacing of 250 mm (shear reinforcement 
ratio, ρv of 0.21%). This is typical of beams not designed for seismic load as the lateral 
load demand would not govern the design compared to the gravity load. The detailing 
of the beam is shown in Figure 3.20. 
 
 




For beams under lateral load, the member will undergo constant shear force, and 
the bending moment will be asymmetric as shown in Figure 3.21. Hence, given any 




    
 (3.6) 
where lp is the assumed plastic hinge length, taken as h/2.  
 
 
Figure 3.21 Shear force and bending moment diagrams of beam under lateral load 
 
The shear capacity of beam B7 using Equations (1.1) and (1.2), without any 
reduction factor, is 192.2 kN. Using Equation (3.6), the shear force at yielding of 
longitudinal reinforcement is 184.9 kN, while the ultimate capacity of the beam is 
215.2 kN. As the shear capacity falls between the yielding and ultimate capacities, the 
beam is expected to undergo some flexural yielding before ultimately failing in shear. 
This beam is considered to have limited ductility, with flexural shear behaviour.  
As shown in the previous analysis, performance based design in earthquake 
engineering utilizes the deformation capacity of structural members to allow the 
performance criteria to be met. However, for beams of intermediate length failing in 
Leff 
V = 2M/Leff 2M/Leff 
M M 
Shear force diagram 





flexural-shear, there is no guideline to assess the deformation capacity for the analysis. 
Thus, available methods developed for slender beams (L/h > 4) are used for the 
definition of member capacity in pushover analysis, namely the modified compression 
field theory (MCFT), and the method developed by Choi and Park (2010). 
For the first method, a software called Response-2000 is used, which is developed 
for reinforced concrete sectional analysis using MCFT (Bentz, 2000). MCFT is based 
on solving series of equations (15 in total) for equilibrium, geometric and constitutive 
relationships and is validated through tests on reinforced concrete panels. As shown in 




Figure 3.22 Load versus displacement response for beam B7 based on MCFT 
 
Pushover analysis is repeated using the load and deformation capacity of beam B7 
in Figure 3.22. The result of the analysis is as shown in Figure 3.23. As illustrated, the 
structure clearly could not meet the seismic demand and local shear failure of beams 
occurred at 45 mm displacement. The first drop in load carrying capacity (point 1 in 
Figure 3.23) is due to progressive failure of the middle beam (3/D-E), starting from the 
bottom floors and going up to the 15
th















at the bottom floors. The loads from the middle beams are redistributed to the sides 
after the failure occurred. Hence, the structure is still able to continue carrying more 
lateral load, until the side beams started to fail as shown at point 2 in Figure 3.23. 
Beyond this point, all the beams in the middle grid had failed. However, this does not 
cause global failure of the structure until much later.   
 
 
Figure 3.23 Demand and capacity diagram using hinge based on MCFT  
 
The deformation capacity of beam B7 is reassessed using the second method by 
Choi and Park (2010). The formulation is based on the compressive strain in concrete 
to obtain the sectional capacity and is developed for L/h larger than 4. As shown in 
Figure 3.24, the deformation capacity is taken as the intersection between capacity 
curve and shear demand. The figure also shows the effect of L/h to the displacement 
capacity. Assuming similar crossection, as the beam increases in length, the shear 






















Figure 3.24 Determination of shear strength and displacement capacity of beam based 
on Choi and Park (2010) for various L/h values 
 
Pushover analysis is performed, with beam B7 having capacity shown in  
Figure 3.24. The result of the analysis is presented in Figure 3.25. As shown, the 
structural capacity increases considerably from the previous analysis. There are still the 
same two points in the capacity curve, points 1 and 2, signifying the same mode of 
failure as in the previous case in Figure 3.23. Hence, the structure still could not meet 
the seismic demand as specified. Moreover, the accuracy of the method by Choi and 
Park (2010) is unknown in terms of the actual deformation capacity of beam B7.  
 
 






































If the assumptions outlined are used, the beams clearly need to be retrofitted to 
ensure its required performance could be met. However, this could be very expensive 
and have to be done for many existing buildings with similar designs. Hence, there is a 
need to study the actual member capacity, as additional deformation capacity could 





EXPERIMENTAL STUDY OF SHEAR CRITICAL         
INTERMEDIATE LENGTH BEAMS 
4.1    Introduction 
4.1.1    Need for experimental study 
Beams with length to depth ratio (L/h) of less than 4 are designed to have some 
deformation capacity to ensure that the behaviour is of ductile manner under seismic 
load. Hence, the beams are sufficiently detailed in shear (with high shear 
reinforcement) to ensure that the beam attains its ultimate strength. However, beams 
not detailed for seismic conditions are often lightly reinforced in shear, and possible 
brittle or ductile failure in shear could be expected.  
Table 4.1 summarizes experimental work done by researchers to study the 
strength and deformation of beams with L/h of less than 4. Most of the studies are 
conducted for beams with L/h ranging from 1 to 2, where the reinforcements are either 
conventional (longitudinal) or diagonal. For L/h between 2 to 4, several tests have been 
conducted by Watanabe and Lee (1998), Xiao et al. (1999) and Brena and Ihtiyar 
(2011). In their tests, Watanabe and Lee (1998) designed the beams to ensure shear 
failure (large amount of tension steel and minimum shear reinforcement), while Xiao et 
al. (1999) deals with seismically designed beams highly reinforced in shear. None of 
the tests conducted deals with beam designed with low shear and longitudinal 
reinforcements typical of non-seismic areas, hence experimental study should be 
conducted to specifically address this issue. Wallace (2012) mentioned that existing 
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experimental works did not address the current tall building constructions, where L/h 
values are typically in the ranges of 2.0 to 3.5. 
 
Table 4.1 Previous tests on conventionally reinforced link beam 







312 1.65 35.2 DT-SC 
313 2.52 44.5 SC 
314 2.52 45.7 SC 






392 0.88 37.6 DT 
393 1.62 30.8 DT-SC 
394 2.52 43.2 SC 
Tassios et al. (1996) 
CB-1A 1.0 0.50 0.7 32.8 SC 
CB-1B 1.66 0.85 1.1 33.0 SC 
Watanabe and Lee 
(1998) 
B1 3 0.31 3.06 63.8 SC 
B2 3 0.84 3.06 63.8 SC 






HB4-10L 1.21 3.4 F-SS 
HB4-12L 1.21 4.1 F-SS 
HB3-6L 
3 
0.79 2.1 F-SS 
HB3-10L 1.57 3.4 F-SS 
HB3-12L 1.57 4.1 F-SS 
Galano and Vignoli 
(2000) 
P01-P04 1.5 0.84 1.14 48.9 SS 








BA2 0.27 F-S 
BA3 0.20 F-S 
BA4 0.80 F-S 
BA5 0.53 F-S 




BA8 0.13 SC 
BA9 0.10 SC 
BA10 0.60 F-S 
BA11 0.40 F-S 
BA12 0.3 F-S 
Lam et al. (2008) 
L-A 5.86 1.15 7.7 
29.8 
F-S 
L-C1 5.04 1.15 7.3 F-S 
L-C2 5.04 1.15 7.3 F-S 
L-D 6.05 0.64 5.84 SC 
L-E 7.17 1.12 11.12 F-S 
L-1 6.05 1.15 5.84 
30.5 
F-S 
L-2 6.05 1.61 5.84 F-S 
L-3 6.05 0.34 5.84 SC 
Kim et al. (2009) 
S-0.5-50 1.00 0.64 
2.68 30.6 
SC 
S-0.75-50 1.50 0.64 SC 
S-0.75-75 1.50 0.43 SC 
Cheng and Su 
(2011) 
DCB1 1.10 0.67 1.67 30.9 SC 
Hong et al. (2011) 
01 1.66 1.05 0.71 
31.2 
F-S 
02 1.33 1.05 0.56 F-S 
03 2.00 1.05 0.87 F-S 
04 1.66 1.05 1.24 SC 
05 1.66 1.05 1.57 SC 
06 1.66 0.38 0.71 SC 
07 1.66 1.77 0.71 F-S 
08 1.66 1.05 0.69 F-S 
09 1.66 0.00 0.71 SC 
10 1.66 1.05 0.60 F-S 
Brena and Ihtiyar 
(2011) 
CB-1 1.34 1.02 1.27 39 F-S 
CB-2 2.68 0.14 1.79 39 SC 
CB-4 2.68 1.02 0.85 30 F 
* DT: diagonal tension, SC: shear compression, SS: sliding shear, F: flexure, S: shear 
   ρl is the ratio of longitudinal reinforcement (total) 
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4.1.2    Objectives 
The objectives of the experimental work are as follows. 
a) Study the deformation capacity of intermediate length beams (L/h between 2 to 
4) not designed for seismic load, and the longitudinal reinforcements are 
expected to yield before failing in shear.  
b) Obtain parameters for constitutive model in numerical analysis developed for 
intermediate length beams.  
c) Validation of numerical model developed. 
 
4.2    Experimental Setup 
4.2.1    Details of beam specimens 
To assess the behaviour of intermediate length beams, beam B7 from Chapter 3 is 
replicated and scaled down for ease of testing. The original beam is scaled to a factor of 
3/5. The scaled down beam B7 is tested as beam B3.1-2 in the analysis. Another  
3 beams are designed and tested with varying longitudinal and shear reinforcements; 
however, the mode of failure is ensured to be ductile shear. All beams have cross-
section of 330 mm by 180 mm with 15 mm cover; however, the length is varied to 
obtain L/h of 3.1 and 2.5. The details of tested beams are summarized in Table 4.2. 
 





Tension long. steel Shear reinforcement 
nos. ϕ (mm) ρl (%) ϕ (mm) s (mm) ρv (%) 
B3.1-2 1020 3.1 2 12 0.381 6 150 0.209 
B3.1-3 1020 3.1 3 12 0.571 6 85 0.370 
B2.5-2 825 2.5 2 12 0.381 6 110 0.286 




4.2.2    Material preparation 
4.2.2.1    Concrete 
The concrete beams are designed to have the strength of 25 MPa at 28 days, as 
expected in the construction of existing buildings in Kuala Lumpur. Ordinary Portland 
Cement is used, along with maximum aggregate size of 10 mm. For material 
proportioning, trial mixes are conducted and the weight ratio of 1: 3.08: 3.14: 0.79 
(cement: sand: course aggregate: water) is used for the beams. 6 cubes and 9 cylinders 
are prepared to ensure concrete properties could be assessed. After casting, the sample 
is demolded the next day and cured with wet gunny sack for approximately 21 days. 
The cubes and cylinders are tested during the day of experiment to obtain the true 
material properties and the results are shown in Table 4.3. The concrete cube strengths 
vary from 27 to 35 MPa due to the varying test dates. 
 
Table 4.3 Results of concrete test  
Beam fcu (MPa) f'c (MPa) fspt (MPa) Ec (MPa) 
B3.1-2 27.04 21.73 2.34 23527 
B3.1-3 27.72 25.52 2.41 22492 
B2.5-2 35.54 31.65 3.03 26066 
B2.5-3 33.24 26.59 2.93 24192 
 
4.2.2.2    Steel 
Deformed bars with 12 mm diameter are used for the longitudinal reinforcement, 
while smooth bars of 6 mm is used for the shear reinforcement. All reinforcements are 
welded together to ensure proper connections. The average results of two tension tests 




Table 4.4 Results of steel reinforcement tension test 
Steel fy (MPa) fu (MPa) Es (GPa) 
T12 596.6 687.1 209.2 
R6 425.8 473.2 175.1 
 
4.2.3    Test setup 
In order to develop the experimental setup for the beams, the test has to be 
designed based on loading, boundary condition and degree of accuracy while adhering 
to available resources. For beams connected to rigid columns or shear walls under 
lateral load, it will undergo double curvature with free body diagram as shown in 
Figure 3.21. 
As the beams are not slender, inelasticity and failure will spread throughout the 
element and modeling only half of the beam will yield inaccurate result. Hence, the 
beams are tested with its full length, while the supports are fixed against rotation at 
both ends to ensure correct boundary conditions. For ease of construction and testing, 
the beams are tested in an upright position as shown in Figure 4.1. 
The load is applied using the horizontal actuator located at midspan of the beam 
to obtain asymmetric bending moment. The top and bottom supports are designed to be 
very stiff with large amount of reinforcements. The ‘L’ shaped loading arm is also 
designed to be stiff and stiffeners are located at strategic locations to ensure minimum 
deflection.  To avoid rotation at the top support, a rotational restraint system is placed 
at the point of loading as shown in Figure 4.1. However, small rotation is expected as 
bolt slippage is unavoidable during testing. Finally, to ensure error is minimalized, the 
connections are welded together whenever possible. The cross-sectional detailing of the 












(a) L/h = 3.1 (b) L/h = 2.5 







4.2.4    Test procedure and instrumentations 
All beams are tested under monotonic (pushover) load until failure. The test is 
done under displacement-controlled load and is applied to the beam at its midspan via 
the loading arm as shown in Figure 4.1. In every test, the beam is preloaded to 10% of 
its yield load at loading rate of 0.001 mm/s. The testing starts at a loading rate of  
0.002 mm/s, and after yielding is achieved, the rate is increased to 0.01 mm/s. 
In this experiment, the strain in the rebar is monitored internally using strain 
gauges that are fixed on the steel reinforcements. As shown in Figure 4.3, strain gauges 
on longitudinal reinforcement are placed very near to the supports as this will be the 
location of highest moment. For shear reinforcement, strain gauges are placed at points 
where cracking are expected to occur, indicating high principal tensile strain. These 
points are estimated to be located diagonally at approximately 45 degrees from the 
supports. As yielding is expected to occur, all longitudinal reinforcements are fixed 
with post-yield strain gauge (YFLA-5) with gauge length of 5 mm while normal strain 
gauge (FLA-5-11) with gauge length of 5 mm is fixed on shear reinforcements. 
 
 




To obtain the curvature and other deformation components of the beam, 
displacement transducers are located at strategic locations along the beam length and 
are shown in Figure 4.4.  Three types of displacement transducers are used, having  
25 mm, 50 mm and 100 mm strokes. As shown in Figure 4.4, the displacement 
transducers are used to measure different displacement components, where the H-type 
measures the horizontal displacement, V-type measures the vertical motion, while  
C-type measures the distance between two points which will be translated into 
curvature calculation. As the movements of each points are monitored using at least  
3 sets of displacement transducers, it is possible to obtain the exact coordinate of 
selected points on the beam, which will be used to monitor the deformation 
components of points along the length. 
 
4.2.5    Specimen construction 
Preparation of reinforcement cage is done in the structural engineering laboratory. 
The reinforcements are constructed on a 10 mm thick steel plate at the bottom, and the 
longitudinal reinforcements are welded to the support to ensure minimal slippage. All 
shear reinforcements are welded to the longitudinal steel, and the construction of 
reinforcement cage is shown in Figure 4.5.  
After the installation of strain gauges, formwork is fixed with specified concrete 
cover of 15 mm as shown in Figure 4.6. As the specimen has a total length of 
approximately 1600 mm, casting of the whole specimen in single pour might cause 
improper compaction and honey combing. Hence, the bottom support is casted first, 
followed by the main beam and top support the next day. The concrete is cured at day 1 














The beam is cured for 21 days, and testing is done at minimum of 28 days after 
casting. The setup of the experiment is shown in Figure 4.8, complete with the 
instrumentations. To ensure minimal support movement, the steel beam and plate are 
welded to their supports. 
 
 
Figure 4.5 Reinforcement cage for beam B2.5-2 
 
 




Figure 4.7 Curing of sample using wet gunny sack and covered with plastic wrap 
 
 




4.3    Test results and discussions  
4.3.1    General behaviour 
There are four beams tested under monotonic load until failure. During testing, 
cracks, yield, and failure are observed and reported. The result of pushover tests of the 
beams is shown in Figure 4.9, while the cracking patterns at failure for all beams is 
illustrated in Figure 4.10.  
For beam B3.1-2, first crack occurs horizontally at 17.1 kN, appearing at the 
tension side of top of the beam. At 37 kN, the horizontal crack propagates into diagonal 
crack; however, these cracks are concentrated at the top area of beam. At 54 kN, 
vertical cracks are observed along the tension longitudinal reinforcement. At this load, 
horizontal cracks also appear along the interface between beam and bottom support. 
The first diagonal crack at the bottom area of the beam is observed at 68 kN, followed 
by yielding of longitudinal reinforcement at 76.4 kN load and 5.7 mm displacement. 
The appearance of the first crack, the diagonal crack and yielding of tension steel 
during the testing are illustrated on the load-displacement curve as shown in Figure 
4.9(a). Failure occurred at 85.6 kN with deformation of 19.4 mm, approximately 3 
times the yield displacement. The failure is observed to be due to diagonal tension 
failure at the top of the beam. The cracking pattern at failure is shown in Figure 4.10(a) 
for this beam. Generally, it is found that diagonal crack occurs at the angles of 55° and 
52° at bottom and top of the beams respectively (angle is measured from longitudinal 
reinforcement). The cracks are concentrated within 0.7h (where h is the beam depth) 





(a) B3.1-2 (b) B3.1-3 
  
(c) B2.5-2 (d) B2.5-3 
Figure 4.9 Result of pushover test of the four beams 
 
Beam B3.1-3 is the first beam tested in the four beam series. Due to inadequate 
boundary condition imposed to this beam, excessive support movements and rotations 
are observed. Hence, the test result shows that the stiffness of this beam is much less 
than the theoretical value, even in elastic region before it cracks. First horizontal crack 
occurs at 52 kN at the top area of concrete. The horizontal crack develops into diagonal 
crack, occurring at 60 kN load. The cracks started from the tension side and continue to 










































































the beam at 74 kN. Yielding of longitudinal reinforcement occurs at 106 kN, with 
displacement of 9.8 mm (see Figure 4.9(b)). At this point, more diagonal cracks are 
observed at bottom support, and more pronounced cracks are observed at the interface 
of beam and top support. Failure of this beam occurred at 122 kN with displacement of 
36.5 mm (about 3.7 times yielding displacement), due to shear sliding at the top of the 
beam. The cracking pattern at failure is shown in Figure 4.10(b). As shown in the 
figure, cracks occur within depth of h from the supports. The angle of crack is 45°, 
which indicates that the crack occur at a larger depth compared to beam B3.1-2.  
Beam B2.5-2 has L/h of 2.5 and shear reinforcement ratio of 0.3%. At 34.8 kN, 
first crack is observed at the interface of beam and bottom support. Immediately 
following that, another crack appears at the interface between beam and top support at  
37.7 kN. Both of these cracks occur at the tension side of the beam. At 40.6 kN, a 
horizontal crack appears at the tension side of the bottom of the beam, which later 
propagates to diagonal crack very near to the support. A large diagonal crack formed at 
the top region at 46 kN. This crack extends from the tension side towards the 
compression area. Another long diagonal crack is observed at 55 kN at the bottom of 
the beam. The longitudinal reinforcement yielded at 90 kN, with displacement of 5.9 
mm (see Figure 4.9(c)). Failure is due to shear sliding of the bottom of the beam, 
occurring at 104 kN at 46 mm (7 times the yield deformation). The cracks are within 
0.8h from the supports, and the angle of diagonal crack is approximately 55° as shown 
in Figure 4.10(c).  
For beam B2.5-3, the first crack is observed at 55 kN, located at the interface 
between the beam and bottom support, and also horizontal crack at the top of the beam 
in the tension region. At 59 kN, the horizontal crack propagates into diagonal crack and 
extends towards the compression side. Cracks are also observed at the interface 
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between the beam and the top support. At 72 kN, the first diagonal crack appears at the 
bottom of the beam. At this time, more diagonal cracks appear at the top of the beam, 
and the length of the crack at the interface of beam and supports extended. Yielding of 
the longitudinal reinforcement occurs at 132.9 kN, at displacement of 5.4 mm (see 
Figure 4.9(d)). Fan shaped diagonal crack is observed at the top area of the beam. 
Compression cracks also appear at the compression end of the diagonal cracks. Failure 
occurs at 164.3 kN, at a displacement of 31.3 mm (6 times yield displacement) due to 
shear sliding at top support. The crack pattern at failure of this beam is shown in Figure 
4.10(d). The cracking in the beam is extensive and formed within half of the beam 
length (approximately 1.2h). The smallest angle of the diagonal crack is 42°, and more 
cracks are observed at the top of the beam compared to the bottom area. 
It is observed that the crack angle decreases with increasing of longitudinal 
reinforcement (B3.1-3 and B2.5-3). The crack angle can be estimated as the angle of 
principal tensile stress of concrete. Hence, based on Mohr’s circle representation of 
state of stress, when concrete has higher longitudinal reinforcement, the axial strain in 
concrete is higher, causing the cracking angle to reduce in magnitude. 
Stirrups are activated only when shear cracks are formed in the concrete. Hence, 
the crack angle will affect the shear strength of the beams. As observed in beams with 
lower shear reinforcements (B3.1-2 and B2.5-2), the cracks are much steeper (higher 
crack angle, 52˚ to 55˚) and cross less shear reinforcements compared to the other 
beams. This translates to lower shear strength compared to beams B3.1-3 and B2.5-3. 
When the failure of the beam is due to diagonal tension, the load reduces 
gradually after failure occurs. This is because the diagonal crack that formed allows 
yielding of shear reinforcement before the eventual failure of the member. However, 
when the failure is due to shear sliding, the failure tends to be more brittle and the load 
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carrying capacity drops suddenly. When the structure fails, a loud sound is heard due to 
fracture of the longitudinal reinforcement. This is because of the formation of flexural 
crack at beam-support interface, resulting to shear resistance via dowel action after 










(c) B2.5-2  (d) B2.5-3 
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4.3.2    Load-displacement behaviour 
The experimental results are compared to theory based on the assumption that 
plane section remains plane. Even though this assumption is valid for members with 
L/h of larger than 4, this method will still be used for initial approximation of stiffness 
and strength of the beams. 
The shear, V, corresponding to moment capacity, M, calculated using beam theory 
is determined using Equation (4.1), where L is the total length of beam and d is the 
effective depth of crossection. The forces are calculated at two points, which are yield 




    
 (4.1) 
lp is the plastic hinge length of the member, given by Panagiotakos and Fardis (2001) as 
shown in Equation (4.2). 
 
       
 
 
           (4.2) 
where db and fy are the diameter and yield stress of longitudinal reinforcement (units in 
mm, MPa). 
The total displacement is determined as the sum of flexure, shear and slip 
deformation components. The flexural deformation at yield is based on yield curvature 
(  ) calculated from beam theory, following the model by Priestley et al. (1996) and 
modified by Sezen (2000). 
 
           




At ultimate moment condition, the flexural deformation is given as 
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  (     )  (
 
 
      ) (4.4) 
where    is the ultimate curvature from moment-curvature analysis. 
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The shear deformation under uncracked condition is determined based on 
Equation (4.5). 
 




   
 
   
    
 (4.5) 
where V is the shear force on the member, Ec is the modulus of elasticity of concrete 
and Ag is the total area of concrete crossection. However, upon cracking, the shear 
displacement is found to be much larger. Hence, the equation is further divided by a 
factor of 0.2 as proposed by Sezen (2000). 
Finally, slip at yielding is calculated based on the equation below. 
 
        
       
   
 (4.6) 
where ub is the elastic bond stress of concrete, equals to 0.996√   , where f’c is the 
concrete strength in MPa. Slip at ultimate condition is given by Equation (4.7), where 
εy and εu are the yielding and ultimate strains of longitudinal steel, fu is the ultimate 
stress of longitudinal steel, c is the depth of tensile strain from sectional analysis and 
ub’ is the plastic bond stress given by 0.498√    (units in MPa). 
 
        
       
   
 
(     )(     )   
     
 (4.7) 
Figure 4.11 shows the lateral load- deformation graphs of the four beams. It can 
be observed that the stiffness of beam B3.1-2 is similar to the theoretical value; 
however the latter having a lower stiffness than the experimental result. The yield load 
and displacement are found to be similar to theoretical result. However, the ultimate 
displacement obtained from experiment (20 mm) is found to be smaller than the theory 
(56 mm). For other beams, the initial stiffness before crack is very similar to the 
predicted theoretical value, however, the ultimate deformation of theoretical analysis is 
approximately 20 to 30 percent higher than the experimental result. This could lead to 
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potential over-estimation of the actual beam capacity. The yield and ultimate loads 
obtained in the analysis are significantly higher than the experimental result for beams 
with L/h of 2.5 (shorter length) as shown in Figure 4.11(c) and Figure 4.11(d). This 
might be due to inaccurate estimation of plastic hinge length, which will be studied in 
more detail later.  For beam B3.1-3, it is observed that significant rotation of the bottom 
support resulted to inaccurate boundary condition of the tested beam. This resulted in a 
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A number of strain gauges are fixed on the shear reinforcements to monitor the 
strain of steel at critical locations. The yield strain of shear reinforcement is determined 
as 2517µ, based on material testing previously conducted. For beam B3.1-2, it is found 
that the first shear reinforcement yielded at a very small displacement value of  
6.32 mm, after the yielding of longitudinal reinforcement. The strain gauge is denoted 
as H1 in Figure 4.3 and is located near bottom support. However, the yielding of the 
shear reinforcement did not cause yielding or failure of any other strain gauges. At 
18.99 mm, the second steel yielded (H5) followed by another (H6) at 19.25 mm. The 
beam failed immediately after (Figure 4.11(a)). For beam B3.1-3, some strain gauges 
on the shear reinforcements are found to be faulty hence no yielding of shear 
reinforcement could be observed. For beam B2.5-2, the shear reinforcement located 
near bottom support (H2) yielded at 6.32 mm, after the yielding of longitudinal 
reinforcement. However, similar to the first beam, the yielding did not cause failure of 
the concrete, and the beam could still undergo large deformation before another shear 
reinforcement (H8) yielded at 41.9 mm (Figure 4.11(c)). This beam fails after reaching 
a deformation value of 40 mm. In beam B2.5-3, the top shear reinforcement yielded at 
27.4 mm as shown in Figure 4.11(d). However, the beam fails at deformation of 31 
mm. The structure does not fail immediately after yielding of shear reinforcement as 
the loading is applied monotonically, causing the stress to increase in a very gradual 
manner. Hence, the shear force is resisted by other mechanism (dowel action) before 
the structure fails globally.  
 
4.3.3    Components of deformation 
To obtain the coordinate of selected points, the longer beams (L/h of 3.1) are 
attached with 33 displacement transducers while the shorter beams with  
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27 displacement transducers. As shown in Figure 4.4, displacement transducer type C 
directly measures the elongation (or shortening) of the flexural component of the beam. 
However, the measured deformation could not separate flexural deformation from slip. 
The calculation of flexural deformation is as shown below. 
 
         ∫  ( )  
 
 
 ∑     ∑








where CnL and CnR are the measured change of displacement of left (L) and right (R) 
of the C-type transducers, b is the measured horizontal distance between the two 
transducers, and d is the vertical distance from the top of the beam to the middle of 
transducers as shown in Figure 4.12. 
 
 
Figure 4.12 Measurements used for flexural deformation calculation for beams with L/h 
of 3.1 
 
Direct shear deformation measurement is not possible due to unavailability of 
instrumentation. The series of transducers positioned in horizontal and vertical 
directions are transformed into set of coordinates for each point. Hence, shear 
deformation is calculated indirectly based on the coordinate movement of specified 
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points on the beam. Figure 4.13 and Equations (4.9) to (4.14) show the method in 
calculating shear deformation of a concrete member. 
 
   
   
    
 (4.9) 
             ℎ  (4.10) 
            (4.11) 
  ℎ   ℎ      (4.12) 
 
   
  
    
         ℎ (4.13) 
where Δv and Δh are the average vertical and horizontal change of length of concrete 
block. Hence, total shear deformation is given by equation below. 
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Figure 4.13 Measurements and deformation components of concrete block (modified 




Using the methods outlined, the deformation components in term of flexure and 
shear are discretized and shown in Figure 4.14. However, it should be noted that 
flexural deformation includes both flexure and slip deformation of the longitudinal 
bars, due to limitations of the instrumentations. The calculations for flexure and shear 
deformations are found to be accurate as the addition of the two equals to total 
deformation measured directly during the experiment. 
The calculated flexural component is also compared to the theoretical flexural 
deformation prior to yielding using Equation (4.3). As shown in Figure 4.14, the 
calculated flexural deformation compared relatively well with the theoretical value up 
to yielding except for beam B3.1-3. It is observed that beam B3.1-3 experiences 
excessive rotation of the support during testing. This resulted to reduction in its flexural 
stiffness as shown in Figure 4.14(b). 
From Figure 4.14, it is shown that the shear deformation in intermediate length 
beams can be quite large, with value of approximately 50% of total deformation at 
yield. To visualize the shear deformation of the beams, the value of shear stiffness  
(Ks = GAg, where G is the shear modulus of concrete and Ag is the total crossectional 
area) is compared with uncracked shear stiffness (Ks,o = GAg = 0.4EcAg), and the result 
is shown in Table 4.5. It is found that the shear stiffness reduces by approximately 70% 
at first crack, and further reduces to 0.2Ks,o at the initiation of diagonal crack. However, 
upon yielding of longitudinal reinforcement, the shear stiffness is only 0.1Ks,o, resulting 
in approximately 10 times larger shear deformation than initially assumed. Hence, it is 
shown that shear displacement is a very important input for accurate determination of 






(a) B3.1-2 (b) B3.1-3 
  
(c) B2.5-2 (d) B2.5-3 
Figure 4.14 Components of deformation for the beams 
 
Table 4.5 Shear stiffness of concrete at various conditions 
Beam Condition Ks/Ks,o 
B3.1-2 First diagonal crack 
Yielding of longitudinal reinforcement 
0.25 
0.1 
B3.1-2 First crack 
Yielding of reinforcement 
0.24 
0.07 
B2.5-2 Fist crack 
First diagonal crack 




B2.5-3 Fist crack 
First diagonal crack 













































































4.4    Conclusions for Experimental Study 
There is a need to test beams with intermediate length (L/h between 2 to 4) and 
low shear reinforcement, as the deformation capacity and failure are not well studied. 
Hence, four beams are designed and constructed based on experimental setup 
developed for asymmetric bending condition. The beams have length to depth ratios of 
2.5 and 3.1, and are designed to fail in shear after yielding of the longitudinal 
reinforcement. 
The cracking pattern is found to be very much related to the amount of 
longitudinal reinforcement and confinement of the concrete. To ensure the beams did 
not fail prematurely in shear, beams with larger amount of longitudinal reinforcement 
are provided with more shear reinforcement, ultimately increasing its confinement 
properties. The concrete confinement factors for beams B3.1-3 and B2.5-3 are 1.14 and 
1.24 respectively. For beams with large confinement and larger amount of longitudinal 
reinforcement, the cracks are found to be within the length equals to beam depth (h) or 
more. Moreover, the cracks are also found to be fan-shaped, and compression cracks 
are observed. For beams with low confinement (beams B3.1-2 and B2.5-2) and smaller 
amount of longitudinal reinforcement, cracks occur at a much lower depth of 
approximately 250 mm, less than the beam depth of 330 mm. The cracks are not well 
distributed, concentrating more along the diagonal length with angle of 55°.  
Beams with L/h of 3.1 are found to have much lower deformation capacity of 3 to 
4 times yielding displacement. Beams of shorter length and higher strength have a 
much higher deformation capacity of 6 to 7 times the yielding displacement. The 
stiffness of beams is found to be similar with theoretical analysis prior to cracking, 
however, their stiffness is found to be lower afterwards. The yield forces calculated are 
also much larger for beams with L/h of 2.5 compared to experimental result. This is 
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possibly due to incorrect assumption of plastic hinge length (lp), resulting to larger 
force obtained.  
Since the deformation capacities of the beams are found to be much larger than 
expected, the deformation components are studied in more detail. Using 
instrumentations fixed on the beams, the flexure and shear deformation components are 
calculated. As the beams are of intermediate length, shear deformation is found to be 
very large, up to approximately 50 percent of the total deformation at yield. To study 
this further, the shear stiffness of beams after cracking is compared to the shear 
stiffness of uncracked concrete (Ks,o). It is found that the shear stiffness dropped to 0.2 
of uncracked shear stiffness at cracking of concrete, and at yield, the shear stiffness is 
found to be only 0.1 of uncracked shear stiffness. This resulted in 10 times larger shear 
deformation than initially expected. Hence, shear deformation is found to be very 






DEVELOPMENT OF FINITE ELEMENT MODEL 
5.1    Introduction 
Most analytical works on link beam involve the development of strut-and-tie 
models for the strength calculation. As reviewed by Zhao et al. (2004), there is lack of 
detailed nonlinear finite element analyses for link beams. Zhao et al. (2004) developed 
a 2-D finite element analysis by modeling the dowel action and concrete confinement. 
Smeared crack model is used, and the beam is loaded monotonically up to failure. It is 
found that the model could predict the crack behaviour with reasonable accuracy, based 
on experimental work conducted. However, it is observed that the model exhibits 
sudden drop in strength after reaching the yield point before continuing with a flat yield 
plateau. 
Shastri (2010) developed a finite element model using ABAQUS, using the 
damaged plasticity model. The link beams are based on experimental work by Galano 
and Vignoli (2000) with beam aspect ratio of 1.5, and by Bristowe (2000) with aspect 
ratio of 3.6. Both beams undergo cyclic load up to failure. It is generally found that the 
finite element model could match the experimental result up to yielding of the steel 
reinforcement. The post-peak behaviour could not be captured accurately by the model, 
and the energy dissipation is found to be very high compared to the experimental result. 
Hence, a new finite element model is developed for intermediate length beam 
using commercial software, ABAQUS 6.11 (2011), to study its behaviour and conduct 
parametric study to assess the effects of shear reinforcement content to the overall 
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behaviour of the beam. In the development of a finite element model, proper 
identification should be given to the material constitutive models, element formulation 
and structural modeling. 
 
5.2    Finite element analysis 
A commercial software, ABAQUS 6.11 is used to model the beams based on 
finite element analysis. This software could model 2-D and 3-D structures, with large 
library of materials and elements to be used for the analysis. There are two types of 
solver available in ABAQUS, namely standard and explicit solvers. Standard solver is a 
static stress analysis procedure, where the inertia effects are neglected. Non-linear 
analysis requires incremental load or displacement. In each increment, the material and 
geometrical properties change and require modification of the stiffness matrix. 
Standard solver requires convergence check, and uses Newton’s method to solve the 
non-linear equations, with iterations to obtain equilibrium in each increment. This 
method is more accurate than the explicit solver, hence can take bigger time step based 
on computational efficiency. However, convergence issues could arise when excessive 
damage occurred (highly non-linear problem), requiring large number of iterations.  
Explicit solver is typically used for dynamic analysis problems where inertial 
effects are included. The solution is obtained without the need to check for 
convergence, and iterations are not required as this method explicitly advances the 
kinematic state from the previous increment. ABAQUS uses central difference 
algorithm for the integration in the explicit solver. However, the time increment has to 
be very small for it to obtain accurate result. As it does not require iterations, 
convergence issues will not arise hence will be suitable to solve problems which could 
 114 
 
not be solved using the standard solver. When used correctly, the explicit solver could 
also model quasi-static problems with good accuracy. 
In modeling the reinforced concrete beams using ABAQUS standard solver, 
several problems are observed. As the nature of the analysis involves large  
non-linearity, excessive iterations are required, resulting to non-convergence. When the 
analysis could proceed, the program fails to simulate the loss of load carrying capacity 
due to structural failure. Hence, in this problem, the explicit solver is used instead for 
modeling the beams under quasi-static loading. 
 
5.2.1    Quasi-static analysis using explicit solver 
Explicit solver is intended to be used for dynamic problems. Hence, its 
application to quasi-static analysis requires one to model the problem at a much lower 
loading rate than usually used in the standard analysis. However, application of the 
actual loading rate as per experiment will require a very long analysis time and 
computational effort. Hence, the loading rate is increased to about 0.5 mm/s to obtain a 
quasi-static response.  
To ensure gradual increase in the load (or displacement), a smooth amplitude 
curve is used which minimizes the inertial effects on the structure (refer to Figure 5.1). 
For this analysis, the loads (self weight of the structure and the weight of actuator head) 
are applied from time zero to 3 s and kept constant up to 100 s, while the displacement 





Figure 5.1 Application of loads on structure (smooth amplitude curve) 
 
In ensuring the analysis is quasi-static in nature, the energy balance should be 
checked at every time step. In a quasi-static condition, the inertial force and kinetic 
energy should be very small compared to the total energy applied. In this analysis, the 
kinetic energy should be maintained to be less than 1% of the total energy for it to be 
quasi-static. Sudden increase in kinetic energy during the analysis indicates sudden 
drop in load carrying capacity due to brittle behaviour of element(s). A prolonged 
increase in kinetic energy is a sign of global failure of the structure, and is taken as the 
failure point in the analysis. 
 
5.3    Material constitutive models 
5.3.1    Concrete 
In non-linear finite element analysis using ABAQUS, there are several built-in 
material models available, and damage plasticity model is chosen to model concrete 
behaviour of beam specimens. Damage plasticity model uses the concept of isotropic 
damage combined with isotropic tensile and compressive plasticity. This model is 


















associated to failure mechanics in concrete. The model in ABAQUS is based on models 
by Lubliner et al. (1989) and Lee and Fenves (1998). 
 
5.3.1.1    Concrete stress-strain curve 
The overall concrete behaviour is defined by the stress-strain curve in 
compression and tension. For concrete in compression, constitutive model by Sima et 
al. (2008) is used, and the confinement factors are taken from Mander et al. (1988).  
Behaviour of concrete in tension is found to be very important and affects the 
overall structural response. However, true tensile test is very difficult to achieve and 
instead, the split tensile test is performed. Split tensile test resulted to a slightly larger 
strength compared to the actual tensile strength. Hence, the strength obtained from split 
tensile strength (fspt) is multiplied with a factor of 0.9, as given by Eurocode 2 (2004) 
and CEB-FIP (1991). 
When concrete is under significant stress, cracks will occur along the member. 
However, concrete in between the cracks could still carry load and offer stiffness. 
Beyond cracking strain of concrete, stress will gradually reduces to zero and this 
phenomenon is called tension stiffening. Tension stiffening is a function of 
reinforcement quantity, bond between concrete and reinforcement, mesh and aggregate 
size. Proper estimation of tension stiffening will ensure attainable numerical solution. 
Too little tension stiffening causes local cracking to occur and induces unstable 
behaviour to overall structural response. In this analysis, two stiffening models are used 
based on its proximity to the longitudinal reinforcement. For elements near the 
reinforcement, the model by Gupta and Maestrini (1990) is used, where the maximum 
tensile strain in the concrete is equal to the yield strain of longitudinal steel. For the 
concrete elements away from the steel, the tensile stress of concrete is assumed to 
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reduce linearly to zero at a strain of 25 times the cracking strain of concrete. The 
difference between the two models is shown in Figure 5.2. The distance (depth) of the 
region closest to the steel is taken as equal to the cover of the concrete.  
 
 
Figure 5.2 Tensile stress versus strain of concrete for beam B3.1-2 
 
The concrete beam is divided into several regions, based on its material 
properties. There are 3 material properties used as summarized in Table 5.1 and the 
distribution of the regions is given in Figure 5.3. The concrete support at the top and 
bottom are designed to be rigid with high reinforcement content. As they are expected 
to undergo very little deformation, the supports are modeled to be elastic with higher 
modulus of elasticity based on tests conducted. 
 
Table 5.1 Summary of material model used for concrete 
Material Compression model Tension model 
1 Unconfined Gupta and Maestrini (1990) 
2 Confined Gupta and Maestrini (1990) 




























Figure 5.3 Material modeling of beam (horizontal position) 
 
5.3.1.2    Plasticity parameters for concrete 
Plastic behaviour of concrete is defined by the yield surface, flow rule and 
hardening behaviour. Yield surface describes the state at which plastic flow initiates. 
Plasticity yield surface incorporated in ABAQUS is a modification of model by 
Lubliner et al. (1989) proposed by Lee and Fenves (1998) as shown in Figure 5.4. The 
important parameters which are used to derive the yield function shown in Figure 5.4 
are the ratio of initial equibiaxial compressive yield stress to initial uniaxial 
compressive yield stress (σbo/σco) and the ratio of second stress invariant on tensile to 
compressive meridian (Kc). The default values given by ABAQUS are used in the 
model (Table 5.2), which are based on extensive experiment and research conducted by 















Figure 5.4 Plasticity yield surface in plane stress (Simulia, 2011) 
 
The flow rule computes the magnitude of incremental plastic strain (  ̇ ) after 
yielding is reached. ABAQUS incorporates Drucker-Prager hyperbolic function for its 
flow potential, G.  
 




   √(        )   ̅   ̅      (5.2) 
  is a non-negative hardening parameter and  ̅ and  ̅ are the hydrostatic pressure and 
Mises equivalent effective stress which are a function of the principal stresses. ϵ is the 
eccentricity parameter which defines the rate at which the function approaches 
asymptote,     is the uniaxial tensile stress at failure and   is the dilation angle, 





Figure 5.5 Drucker-Prager hyperbolic function (Simulia, 2011) 
 
5.3.1.3    Dilation angle 
As explained before, dilation angle is one of the parameters defining plastic flow 
function. During shear deformation, the material increases in volume, and the volume 
change during shear strain is measured by the dilation angle. The physical description 
of dilation angle is shown in Figure 5.6, which shows that the dilation angle is simply 
the uplift angle in shear. The dilation angle can be obtained from triaxial test, which is 
impractical for general analysis. Hence, a typical value of the angle should be 
recommended to ensure proper modeling of the member.  
 
 
Figure 5.6 Dilation angle 
 
Lee and Fenves (1998) used dilation angle of 31° for the verification of the plastic 
model for plain concrete under uniaxial tension and compression. Jankowiak and 






optimization of   and ϵ using experimental result. The analysis also uses high ϵ of 1.0, 
much larger than the recommended value of 0.1 by ABAQUS.  Malm (2006) analysed 
several beams under 4-point bending using ABAQUS. For beams with shear span to 
depth ratio (a/d) of 3 (typical of slender beams), there is negligible difference in the 
result when dilation angle is between 30° to 40°. For deep beam, Malm (2006) used 
dilation angle equal to its friction angle (associative flow) of 56.3° in order to obtain 
the ductility observed during the experimental work. However, Malm (2009) concluded 
that the value of dilation angle should be in the range of 30° to 40°. Finally, Islam and 
Khennane (2012) used a large dilation angle of 50° for a 4-point bending test of a deep 
beam with a/d of 1.5. 
In the analysis conducted, it is observed that larger value of dilation angle results 
to a more ductile behaviour of concrete after peak load is reached. However, a much 
lower value of dilation angle is used when confinement (such as FRP and concrete 
filled tubes) is provided for the concrete. From the definition in Figure 5.6, the dilation 
angle is a material property and will not be affected by the length or test condition of 
the sample. However, based on literature review, the dilation angle is larger when a/d is 
smaller (deep beam). 
For this analysis, it is discovered that dilation angle greatly affects the result. A 
dilation angle of less than 40° (typical value proposed) will result in brittle behaviour, 
with very small post-peak deformation. For the intermediate length beam with length to 
depth ratio of 3.1, the dilation angle is found to be 45°. As it transitions to a deeper 
beam (length to depth ratio of 2.5), the dilation angle is found to be much larger at 50°. 
This is in-line with the literature, which shows that analysis for deep beam requires 
higher dilation angle. However, there is currently no rule established to determine this 
value and it is solely based on trial-and-error method to fit the analysis with 
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experimental result. Hence, there should be more work done to quantify the dilation 
angle, especially for low a/d members. 
 
5.3.1.4    Parameters used in ABAQUS for concrete 
The summary of values used in the model is outlined in Table 5.2. The values of 
ϵ, σbo/σco and Kc are recommendations from ABAQUS for normal strength concrete. To 
overcome convergence difficulties, ABAQUS implements viscoplastic regularization 
by permitting stresses to be outside the yield surface. The relaxation time of 
viscoplastic system is defined by the viscosity parameter, μ, and as the value gets 
bigger, the more viscoplastic regularization is performed, resulting to a faster 
convergence in numerical analysis. However, this effect will be penalized by larger 
inaccuracy in the result. In this analysis, μ is taken as zero, indicating that no 
viscoplastic regularization is allowed. 
 
Table 5.2 Parameters used for finite element modeling in ABAQUS 
Constant Notation Value used 
Dilation angle ψ 45° and 50° 
Flow potential eccentricity ϵ 0.1 
Ratio of biaxial to uniaxial compressive stress σbo/σco 1.16 
Ratio of the second stress invariant on the tensile 
meridian to that on the compressive meridian 
Kc 2/3 
Viscosity parameter μ 0 
 
5.3.2    Steel 
The stress-strain relationship is taken as bilinear, elastic with modulus of 
elasticity, Es, up to yield, and ultimate stress at maximum strain of 0.1. The values of 
Es, yield stress and ultimate stress are taken from experimental work done. 
 123 
 
5.4    Elements and structural modeling 
5.4.1    Elements used  
The structure is modeled in 2-D using plane stress elements, as the out-of-plane 
stresses could be neglected. Hence, the concrete elements are modeled using 4-noded 
plane stress elements, reduced integration with hourglass control (CPS4R). The ratio of 
longer to shorter length of each element is ensured to be not more than 1.5. As steel 
reinforcement does not provide significant bending stiffness, 2-noded linear 2-D truss 
(T2D2) elements are used to model the bars. The steel reinforcement is modeled as 
embedded member with perfect bond with concrete. The loading arm is modeled with  
2-noded linear beam elements (B21), while the rotational restrain mechanism 
(pantograph) with T2D2 elements. 
 
5.4.2    Structural modeling 
The structure is modeled in an upright position as in the experimental procedure. 
The element size is approximately 20 mm. The top and bottom supports are modeled as 
elastic element since sufficient reinforcements are provided in the test sample to ensure 
rigid supports. At the top support, pantograph-like truss member is placed to ensure 
rotation of the top is negligible. The bottom support and pantograph ends are restrained 
in the X and Y directions. The loading is applied at the tip of the loading arm in 
horizontal direction. All elements are assigned to its own self weight, and to 
incorporate the actuator weight of 600 kg, a load of -6000 N in Y direction is assigned 
at the point of load application.  The finite element model for beam B2.5-2 is shown in 






Figure 5.7 Finite element model for beam B2.5-2; (a) load and support conditions and 
(b) mesh 
 
5.5    Comparison with experimental results 
The structure is modeled as plane stress problem, using ABAQUS explicit 
analysis. The results are discussed in the following sections. 
 
5.5.1    Load-deformation analysis 
Under displacement controlled pushover analysis, the load-deformation curves 
are obtained for the tested beams and the results are shown in Figure 5.8. As shown in 
the figure, the finite element model is able to capture the overall behaviour of the 
structure and predicts its point of failure. The finite element model predicts slightly 
higher stiffness compared to experimental result, especially for beams B3.1-3 and 
B2.5-2. For beam B3.1-3, the yield force is found to be higher than the experimental 











(a) B3.1-2 (b) B3.1-3 
  
(c) B2.5-2 (d) B2.5-3 
Figure 5.8 Result of finite element analysis  
 
In all of the beams, it is observed that the load carrying capacity reduces slightly 
after yielding of the reinforcement before continuing up to failure. This is because as 
the reinforcements are modeled to be perfectly bonded to concrete, the sudden increase 
in axial strain of longitudinal reinforcement after yield results in an increase in the local 
tensile strain in concrete. This resulted in a reduction in the load carrying capacity 

































































can be concluded that the finite element model developed could be used to obtain the 
deformation capacity of similar beams. 
 
5.5.2    Deformation components 
The deformation of the beam member is divided into its components, namely 
flexure and shear, as outlined in Chapter 4. In general, the model could predict the 
shear deformation for beams B3.1-2 and B3.1-3 accurately (Figure 5.9(b) and  
Figure 5.10(b)), but gives an underestimation for beams B2.5-2 and B2.5-3  
(Figure 5.11(b) and Figure 5.12(b)). A possible reason is that the shear demand (and 
subsequently shear deformation) is higher in the shorter beams and cannot be captured 
accurately in the model. As expected, the flexural stiffness in beam B3.1-3 is larger 
compared to experimental result due to rotation of support during testing  
(Figure 5.10(a)). Even though this problem does not occur in any other beams during 
testing, FEA of beam B2.5-2 yields higher flexural stiffness compared to the 


















































































































Figure 5.12 Deformation components for beam B2.5-3; (a) flexural and (b) shear 
displacements 
 
5.5.3    Failure mode  
The crack pattern and failure of the beams are observed from finite element 
analysis (Figure 5.13) and compared with the experimental results. In general, the crack 
at failure in finite element analysis is very similar to the experimental work. For beam 
B3.1-2, large cracks are observed diagonally as well as at the beam-top support 
interface, and the failure is shown to be due to diagonal tension. For beam B3.1-3, there 
are large cracks diagonally as well as at the beam-support interface on both top and 
bottom concrete. Based on FEA, the failure is due to diagonal tension failure, which is 
not the failure observed during testing. For beams B2.5-2 and B2.5-3, the largest crack 
is observed at the beam and bottom support interface, indicating the shear sliding 
between beam and support to be the failure mode of the system. In FEA, the main crack 
angle at top and bottom areas of beam is shown to be larger than the crack angle from 
experimental result, especially for beam B2.5-3 (see Figure 5.13(d)). The model is 






































FEA Experiment  FEA Experiment 




FEA Experiment  FEA Experiment 
(c) B2.5-2  (d) B2.5-3 
Figure 5.13 Crack patterns predicted using finite element analysis 
 
5.6    Parametric study for shear-critical beams 
This study focuses on shear-critical beams, expected to fail in shear after yielding 
of the longitudinal reinforcement. Based on the model developed, the analysis is 
repeated for beams with material model as per experimental study, but with different 
degrees of shear reinforcement content. Hence, the result could later be used to 
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determine the shear strength of concrete. The list of analyses conducted for the 
parametric study is shown in Table 5.3.  
 
Table 5.3 Detailing of beams for parametric study 
Beam L/h 
Tension long. steel Shear reinforcement 
nos. ϕ (mm) ρl (%) ϕ (mm) s (mm) ρv (%) 
B3.1-2-a 
3.1 2 12 0.381 
6 
175 0.180 
B3.1-2-b 200 0.157 
B3.1-2-c None 
B3.1-3-a 
3.1 3 12 0.571 
6 
100 0.314 
B3.1-3-b 125 0.251 
B3.1-3-c None 
B2.5-2-a 
2.5 2 12 0.381 
6 
150 0.209 
B2.5-2-b 175 0.180 
B2.5-2-c None 
B2.5-3-a 
2.5 3 12 0.571 
6 
75 0.419 
B2.5-3-b 100 0.314 
B2.5-3-c None 
 
5.6.1    Result of analysis 
The result of the parametric study is shown in Figure 5.14. As expected, there is a 
reduction in the ductility of the beams with lower shear reinforcement content, as the 
failure tends to be more brittle. From the FEA, the load-deformation behaviour tends to 
be unstable after yielding of reinforcement, especially in beams B3.1 series. This 
indicates large element failure; however the system is still able to carry load before 
failing globally. For beam B2.5-3-b, an increase in stirrup spacing to 100 mm causes 
rapid reduction in shear carrying capacity. It is observed that the shear strength of 
beams without shear reinforcement depends greatly on L/h, while increasing the 
amount of longitudinal reinforcement only results in a slight increase in shear capacity. 
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For beams with shorter length (B2.5 series), arch effect is able to develop, hence 
increasing the shear strength of the member (Figure 5.15). All of the beams with lower 
shear reinforcement are observed to fail due to shear. The results from this analysis 
(strain in longitudinal steel at failure and shear strength) will be used for the 
determination of shear capacity in Chapter 7. 
 
  
(a) B3.1-2 series (b) B3.1-3 series 
  
(c) B2.5-2 series (d) B2.5-3 series 





















































































DEVELOPMENT OF STRUT AND TIE MODEL 
6.1    Introduction 
The deformation capacity is an important input for performance based design of 
structures to withstand seismic loading. A properly designed structural member would 
be capable of large deformation after yielding before failure occurs. Typically, the 
deformation will be concentrated at the plastic hinges due to yielding of longitudinal 
bar; however, this could only be achieved in members with adequate shear 
reinforcement. One such member is the link beams, where the beams are subjected to 
asymmetric moments at each end. Most of the analytical works conducted to evaluate 
the strength and deformation capacity of beams are done using beam theory for slender 
members, where the span to depth ratio (L/h) is more than 4. As the beam reduces in 
length, the shear demand will increase, and inelasticity and failure are spread 
throughout the element. For beams with L/h less than 4, the behaviour is better 
represented by strut and tie model (STM) which could determine the strength of the 
member with acceptable accuracy.  
The determination of deformation capacity of link beams using finite element 
analysis is very complicated and requires correct material behaviour and modeling 
assumptions. An alternative method for the analysis of such beams is by using  
non-linear STM, which is simple and reduces computational efforts significantly. 
Hence, this chapter focuses on the improvement of existing non-linear STM and its 
application to intermediate length beams which fail in shear after yielding of 
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longitudinal reinforcement. The improvement proposed is to include shear deformation 
in the model via sectional property and incorporation of slip in longitudinal 
reinforcement. 
 
6.2    Model development 
In modeling non-linear strut and tie model, an open-source software,  
OpenSees 2.4.3 (2000) is used.  This software is capable of modeling non-linear finite 
element analysis of structural system with large library of material models. 
  
6.2.1    Material properties 
Concrete is modeled based on Mander et al. (1988), as shown in Figure 6.1. The 
strain at maximum stress, εco is taken as 0.002 for unconfined concrete, while for 
confined concrete, the stress fcc and strains εcc are modeled following equations by 
Mander et al. (1988). The maximum strain εcu is set to a large value as 30εco, to ensure 
smooth decrease of compressive strength in the analysis. The tension stiffening effects 
are modeled by providing a large value in the maximum tensile strain εtu. The material 
model used is the Concrete07 model in OpenSees. 
 
Figure 6.1 Stress-strain model of concrete  
 























Steel is modeled as bilinear, with failure strain of 0.1. The stress-strain behaviour 
of reinforcing steel is given in Figure 6.2. The model uses Steel02 material model in 
Opensees. 
 
Figure 6.2 Stress-strain model of steel 
 
6.2.2    Element modeling 
In order to provide equal end moments, a restraining system as shown in  
Figure 6.3 is provided at the top of the model where load is applied. The flexural 
elements consist of the steel reinforcement (longitudinal steel) and concrete strut and 
tie (Figure 6.4). The shear force is carried by transverse reinforcement and some 
portion by the concrete, while the diagonal compression force is taken up by the 
concrete strut. The angles of diagonal strut to longitudinal reinforcement, Ѳ1 and Ѳ2 are 
ensured to be within 31 to 59 degrees (CEB-FIP, 1991). The distance between 
longitudinal elements, a, is taken as the length from center of the longitudinal steel 
reinforcements. 
In this thesis, only beams with L/h between 2 to 4 (intermediate length) will be 
analysed, and is shown in Figure 6.3. The diagonal element in the other direction is also 
















Figure 6.3 Strut and tie model of intermediate length beam under equal end moments 
(a) without diagonal tie, and (b) including diagonal tie 
 
 
Figure 6.4 Flexural element of reinforced concrete member (modified from To, 2005) 
 
6.2.2.1    Longitudinal reinforcement strut and tie 
The area of longitudinal reinforcement strut and tie, Asl, is based on the actual 





































6.2.2.2    Longitudinal concrete strut 
The properties of longitudinal concrete strut are calculated based on sectional 
analysis of the member at yield. As shown in Figure 6.5, the effective area of concrete 
strut,       , where b is the width of the member and c is the depth of compressive 
zone at yielding of longitudinal reinforcement. The concrete strength,           , 
where Cc is the concrete compression force at yield calculated using sectional analysis. 
 
 
Figure 6.5 Stress block at yield of longitudinal reinforcement 
 
6.2.2.3    Longitudinal concrete tie 
The concrete contribution to tensile strength is generated due to tensile stiffening 
effect, which is the capability of concrete to carry tensile force due to bond with the 
reinforcement. The area of concrete tie is taken as     (      )  , where Ag is the 
total crossectional area of concrete (To, 2005). With that, the concrete tensile strength 
is given as Equation (6.1). 
 
    
     
    
 (6.1) 
where        √    (units in MPa). It is found that the inclusion of longitudinal 
concrete tensile strength slightly increases the structural capacity. Therefore, this factor 














6.2.2.4    Transverse tie 
As this model is capable of determining member behaviour failing in shear and 
flexural shear, modeling of transverse tie will be the most important aspect of this 
analysis. Neglecting the shear contribution of concrete will cause underestimation of 
the shear strength, causing the structure to fail prematurely in shear. However, as 
shown in the experimental work done, the shear deformation of intermediate length 
beams may be large and should be included in the model.  
To include shear deformation, the simplest method is to modify the stiffness of 
the member without having the need to include new spring system. Hence, theoretical 
model is developed to study the effect of geometrical properties to the displacement of 
sample. Figure 6.6 shows the deformation of a simple strut and tie model under shear 
force, Vs. The longitudinal tie (reinforcement) is assumed to be rigid. 
 
 
Figure 6.6 Deformation of simple STM under shear force 
 
The total shear deformation of the model (  ) can be written as 
 
            
  
    
 (6.2) 




































   
  
     
 (6.3) 
Elongation of stirrup can be expressed by 
 




   
       
 (6.4) 
The axial force in the diagonal strut,    can be written as        . Hence, the 
stress in diagonal strut,    , is as follows. 
 
    
  
     
 
  
         
 (6.5) 
Similarly, the elongation of diagonal strut is given by 
 
   
   
  
 
    
 
   
            
 (6.6) 
From Equations (6.2), (6.4) and (6.6), the total deformation can be written as 
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) (6.7) 
The shear stiffness of model, Ks can be expressed as 
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The shear stiffness before crack, Ks,o is 
 
     
    
 
 
    
 
 (6.9) 
In strut and tie model, the area of diagonal strut (     ) is based on the 





Figure 6.7 Determination of area of diagonal strut in STM 
 
Shear deformation could be included in STM by modifying the area of transverse 
tie,       which will affect the shear stiffness of the model. The first method is by 
assuming the area of tie is equal to the area of shear reinforcement which is the normal 
practice in STM. The shear stiffness is calculated at the onset of yielding of the 
reinforcement. 
By taking         , the area of transverse tie,       is given as 
 







     
          (6.10) 
Another method to modify the geometrical property of transverse tie is by 
including the equivalent area of concrete contribution to shear strength, which will give 
a slightly stiffer system. Hence, the area of transverse tie,       is given as 
 
      
     
  
 (6.11) 
where concrete contribution to shear strength, Vc is based on ACI 318, as 
 
   
 
 
√           (6.12) 
The modulus of elasticity of concrete, Ec can be taken as     √    (units in 
MPa), and typical value of fy/Es is 0.00125. Solving Equations (6.11) and (6.12) yield 
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) (6.13) 
In choosing the best method, the analytical values for Ks/Ks,o are compared to 
measurements made during the experiment. The angle α is taken as the cracking angle 
as measured from the experiment. The four experimental results (as given in Chapter 4) 
are supplemented with another 2 known values obtained from Brena and Ihtiyar (2011) 
for intermediate length beams. The results are given in Figure 6.8. From the analysis, it 
is shown that using a larger area for steel tie as used in method 2 (equivalent area of 
transverse tie given in Equation (6.11)) yields more accurate shear stiffness of the 
member compared to using only the steel area (Equation (6.10)). Using method 1 will 
give smaller shear stiffness resulting in an overestimation of the shear deformation. 
Hence, the area of transverse tie       is taken as (     )   . 
 
 





















6.2.2.5    Diagonal concrete strut and tie 
The area of diagonal concrete strut and tie is calculated based on its effective 
width, hd, as shown in Figure 6.3(a). The area of diagonal strut and tie, Acd, is given as 
hdb. For the diagonal strut, the effective compressive strength of concrete, fcd is taken as 
0.51f’c in the D-region, while fcd is (0.7–f’c/200)*f’c in B-region, with f’c in MPa. To 
ensure better representation of the behaviour of reinforced concrete member, the tensile 
strength of the diagonal member should also be modeled via diagonal ties as shown in 
Figure 6.3(b). Hence, tensile strength of the diagonal tie, ft is taken as     √    (units 
in MPa).  
 
6.2.3    Longitudinal bar slip  
As discussed by Sezen (2000), longitudinal bar slip could be large, causing 
underestimation of member deformation if not properly modeled (Figure 6.9). Hence, 
the STM developed should be able to include the effect of slip for better representation 
of its behaviour. 
 
Figure 6.9 Slip of longitudinal reinforcement 
 
The deformation due to slip (     ) is given by the model developed by Sezen 
(2000) which assumes average bi-uniform bond stress (   and    ). Prior to yielding of 
𝛿𝑠𝑙𝑖𝑝 
Bottom support  
Beam  
Reinforcement 
 𝑠𝑙𝑖𝑝  
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longitudinal reinforcement, the bond stress    is taken as    √    while after yielding, 
    is    √    (units in MPa). The slip can be expressed as 
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 (6.14) 
where fs and εs are the stress and strain of longitudinal steel, and db is the diameter of 
steel. The slip is included in STM via zero length element placed at the ends of 
longitudinal tie (Figure 6.10). Figure 6.11 shows the result of STM analysis for beam 
B2.5-3. From the figure, it can be seen that the inclusion of slip in the model will 
improve the estimation of stiffness and the overall behaviour of the member. 
 
 










Figure 6.11 Load versus lateral displacement for beam B2.5-3 with and without slip 
 
6.2.4    Failure modeling in non-linear STM  
Two types of concrete failures are considered in the analysis, namely crushing of 
the diagonal strut and diagonal tension (shear) failure of the beam. Crushing of the 
diagonal strut occurs when the stress in concrete exceeds its effective strength. The 
strength degradation of concrete is modeled based on the experimental work by 
Vecchio and Collins (1986), where the concrete compressive strength, fc2, is a function 
of the principal tensile strain,  1, and is given in Equation (6.15). 
 
      
   
              
 (6.15) 
where ε’c is the concrete strain at maximum stress, and a is a constant, which depends 
on the loading condition. In the study of intermediate length link-beams, most of the 
structures are tested under cyclic loading. However, in obtaining the backbone load-
deformation curve, one could simplify the non-linear STM analysis by loading the 
structure monotonically until failure. To do so, the constant a needs to be given a value 
of 0.75. This will in effect takes into account the increasing of cracks and degradation 





















monotonic loading, the constant a will have a value of 1.    is calculated as       
  , where    is the longitudinal strain,    is the transverse strain and    is the principal 
compressive strain of each element. In order to simulate the degradation of concrete 
strength as loading progresses, the analysis is run and  1 is calculated at each time step. 
When the compressive strength of concrete is less than the stress in diagonal concrete 
strut, the concrete is considered to fail in crushing. 
Another mode of failure is the diagonal tension failure of beam, observed as 
slipping of the crack. In traditional STM, the member is considered to fail in shear 
when the stress in the transverse tie reaches its yield strength. However, the concrete 
contribution to shear strength, Vc, degrades with increasing in deformation. Several 
researchers develop equations to estimate the degradation in concrete strength with 
increasing tensile strain in the longitudinal reinforcement (εs), for example Bentz et al., 
2006 (adopted by Canadian code (CSA A23.3-04, 2004) for shear design of RC 
member) as shown in Equation (6.16).  
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 (6.17) 
where εx is the stress in X direction, and is taken as εs/2, sxe is crack control 
characteristic, sx is the distance between the longitudinal reinforcements and ag is the 
maximum aggregate size in mm. For structures cyclically loaded, there will be severe 
cracking on both sides of the beam. Hence, the depth de should be taken as the distance 
between compression and tension reinforcements, instead of the effective depth d used 




6.3    Model verification 
The non-linear STM is verified using experimental results of previous researchers 
for intermediate length beams, with L/h between 2 to 4. Summary of the beams is given 
in Table 6.1. 
 
Table 6.1 Summary of beams considered 
Beam L/h ρl (%) ρv (%) f'c (MPa) Failure 
BA21 4 1.33 0.267 29.3 Flexural shear 
BA51 4 1.33 0.534 29.3 Flexure 
BA71 4 1.33 0.200 43.4 Shear 
CB22 2.68 0.895 0.141 39 Shear 
CB42 2.68 0.423 1.02 30 Flexure 
HB4-6L3 4 1.04 0.698 69.5 Flexure 
HB3-6L3 3 1.04 0.698 69.5 Flexure 
*ρl, ρv is the longitudinal tension and transverse reinforcement ratio 
 1Lee and Watanabe (2003), 2Brena and Ihtiyar (2011), 3Xiao et al. (1999) 
 
The beams are modeled as non-linear strut and tie, as illustrated in Figure 6.3. For 
beams CB2 and CB4, axial restraint of 160 kN is applied to the beam, and is included 
in STM as applied load and shear strength calculation as Vp (Brena and Ihtiyar, 2011). 
The last two beams, HB4-6L and HB3-6L are high strength concrete link beams, with 
compressive strength of 69.5 MPa. The beams are loaded under cyclic manner until 
failure. However, as cyclic loading is outside the scope of this thesis, the analysis is 
loaded monotonically at the loading point (displacement controlled), and the failure 
point is identified. The monotonic load provides backbone curve for the system and 
could be used to obtain the ductility of the structure. 
It is found that non-linear STM could capture the backbone of load-displacement 
curve under cyclic loading rather accurately (Figure 6.12). Beams BA2, BA5, HB4-6L 
and HB3-6L are found to fail in concrete crushing. Beams BA7 and CB2 failed in shear 
failure. However, as shown in Figure 6.12(c), the beam failed at a much smaller 
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displacement compared to the experiment for beam BA7. Hence, more data of link-
beams failing in shear should be collected to calibrate the shear model used. Finally, 
beam CB4 is found to fail due to tensile fracture of longitudinal reinforcement. 
 
  
(a) BA2 (b) BA5 
  


































































(e) CB4 (f) HB4-6L 
 
 
(g) HB3-6L  
Figure 6.12 Result of non-linear STM for beams under monotonic load  
 
6.4    Application of non-linear STM to experimental work 
The non-linear STM developed is applied to the 4 beams tested, as discussed in 
Chapter 4. Generally, it is found that the inclusion of slip to the model improves the 
accuracy of the result. Figure 6.13 shows the result of non-linear STM for beams B3.1 
and B2.5 series.  
The overall behaviour of the load-displacement curve could be captured rather 
accurately for beams B3.1-2, B2.5-2 and B2.5-3, while the model is much stiffer 





















































occurred at the bottom support of beam B3.1-3 during testing, which causes larger 
flexural displacement. The ductility of the structure is found to be very similar to the 
test, especially for beams B3.1-2, B3.1-3 and B2.5-3. However, the STM gives a very 
conservative result of the ductility of beam B2.5-2. 
 
  
(a) B3.1-2 (b) B3.1-3 
  
(c) B2.5-2 (d) B2.5-3 









































































As shown in Figure 6.13, the predicted modes of failure of the structures are 
found to be different from the experiment except for beams B3.1-2 and B2.5-2, which 
are due to shear. For beams B3.1-3 and B2.5-3, the failure predicted in STM is concrete 
crushing (flexure), which is common in well reinforced beams. The reason for the 
difference in failure mode is due to the higher amount of longitudinal reinforcement, 
causing the stresses in the compression struts to be higher. This results to the eventual 
failure of the beam, even before the ties could reach its shear capacity. However, if the 
analysis is continued, the shear failure of the beam will occur not long after the 
concrete crushes.  
STM of beam B2.5-2 largely underestimates the ductility of the member, where it 
is predicted to fail in shear at the displacement of approximately a third of the actual 
ultimate deformation. Due to its shorter length, the shear demand is higher, resulting to 
higher strains in the longitudinal reinforcement. This reduces the concrete contribution 
to shear strength (Vc). As the beam has lower shear reinforcement, this causes the 
structure to ultimately fail in shear at a very small deformation. Hence, the applicability 
of this method for member with short length (L/h ≤ 2.5) with very small amount of 
shear reinforcement should be reviewed to ensure correct estimation of the ductility. 
Figure 6.14 to Figure 6.17 show the deformation components of the tested beams 
in terms of flexure and shear. The STM gives satisfactory prediction of shear 
deformation for all of the beams, which is the main strength of this method. Flexural 
displacement for beams B2.5-2 and B2.5-3 greatly improve with the modeling of slip in 
the longitudinal element. However, the post-crack stiffness of beam B3.1-2 is lower 





























































































































































ASSESSMENT OF DEFORMATION CAPACITY OF LINK BEAMS 
7.1    Introduction 
This chapter deals with the assessment of capacity of link beams based on the 
results from the experimental and numerical studies. Next, the case study in Chapter 3 
is reanalysed to include the deformation capacity of link beams. The incorporation of 
appropriate deformations will result in a better estimation of the overall structural 
performance. 
 
7.2    Assessment of deformation capacity of link beams 
In the assessment of column ductility, the strength envelope approach (Figure 7.1) 
is used, where the point of intersection between the demand and capacity (strength 
envelope) curves is taken as the ductility of the member. As shown in Figure 7.1, a 
member exhibits brittle failure when the demand reaches the capacity before achieving 
its flexural strength, limited ductility when it fails after yielding and flexural failure 
otherwise.  
Various strength envelopes have been developed for columns namely by Ang et 
al. (1989), Wong et al. (1993), Priestley et al. (1994), Sezen and Moehle (2004) and 
Elwood and Moehle (2005). The curves are based on empirical study and had been 
accepted in ATC-6 seismic design guideline. However, such curve is not available for 
beams as they are typically slender member and would fail in flexure. This is not the 
case for short and intermediate link beams, where the shear demand is significantly 
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higher and could fail prematurely in shear. Hence, Park et al. (2006) developed an 
analytical model for shear strength of beams failing in brittle shear based on the 
concept of strain distribution. The concept is then applied further for beams with 
limited ductility by Choi and Park (2010). However, as this concept assumes beam 
theory, it is generally applicable for slender beams with length to depth ratio (L/h) 
larger than 4.   
 
 
Figure 7.1 ATC-6 model for interaction between shear strength and ductility (modified 
from ATC-6, 1981) 
 
7.2.1    Demand curve for intermediate length link beam 
The demand curve of intermediate length beam is developed using beam theory, 
but with some modifications to ensure correct estimation. The deformation of link 
beams consists of three components, which are flexure, shear and slip. Shear 
deformation must be included in the analysis as this is very significant as shown in the 
experimental study (Chapter 4).  
The deformation due to flexure can be calculated based on moment-curvature 









rotation,  , and length L, as shown in Figure 7.2. The rotation of beam is given in 
Equation (7.1), based on a study by Choi and Park (2010), where   is the curvature and 
   is the curvature at yielding of reinforcement. The plastic hinge length    is taken as 
in Equation (4.2), given by Panagiotakos and Fardis (2001). Shear deformation (Δshear) 
can be calculated using Equation (7.2), where post-cracked shear stiffness is reduced by 
90 percent of the original stiffness (0.1GAg). Deformation due to slip (Δslip) can be 
calculated using Equations (4.6) and (4.7), and the total displacement is the sum of the 
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The shear force, V, is calculated using Equation (7.3), where the deformation is 
assumed to occur at the distance of      from the face of the support for intermediate 
length beams as shown in Figure 7.2. This value is obtained from the experimental 
study, suggesting that the point of rotation in intermediate length beam is very much 




Figure 7.2 Deformation of link beam 
 
7.2.2    Capacity curve for intermediate link beam 
The shear capacity of a member reduces as the crack progresses with deformation. 
The cracking in a structural member could be quantified based on the axial strain (  ) 
as shown in Figure 7.2. Several researchers use this concept to determine the shear 
strength of a member, for example Bentz et al. (2006) and Muttoni and Ruiz (2008) as 
shown in Equations (7.4) and (7.5) respectively. The crack control characteristic is 
taken care of by the parameters    as the distance between the longitudinal 
reinforcement and    as the maximum size of aggregate. 
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√    (7.5) 
The axial strain (  ) could be estimated to be 0.5 of the longitudinal tension 
reinforcement (  ). Using these two equations, the load-deformation capacity curve for 
the beams in the experimental study is developed. As shown in Figure 7.5, both 
equations yield similar result, however, the deformation capacity is highly 
underestimated. This results in very small ductility in the beams, and failure is 
predicted to be brittle. Hence, a new equation should be developed to estimate the 
L 
𝑙𝑝 
𝑙𝑝   
𝜃 
  𝜀𝑥 
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capacity of the beam, with emphasis on strength degradation with increasing of strain. 
In this research, a parameter which is easier to quantify, the longitudinal tension 
reinforcement (  ) will be used for the determination of the shear strength.  
The shear strength of a member is directly related to the tensile strength of 
concrete. Hence, most researchers and codes assume that the shear stress is directly 
proportionate to the square root of the compressive strength √    (ACI 318;  
CSA-A23.3-04; AASHTO, 2012; Bentz el al., 2006; Muttoni and Ruiz, 2008). 
However, some also relate the shear strength to    
   
 (Eurocode 2; CEB-FIP) and 
   
   
 (Zararis and Papadakis, 2001).  
One of the most important parameter in the determination of shear strength is the 
shear span to depth ratio (a/d), which is expressed in terms of shear and moment as 
M/Vd. Kani (1966) analyses the result of beams tested under 2-point load with varying 
longitudinal reinforcements, and the shear stress versus a/d for various beams are 
shown in Figure 7.3. As expected, the shear stress reduces with increasing in a/d. 
However, the shear stress is significantly high at a/d less than 2.5, indicating that there 
is an enhancement of shear strength of beam via arch action. Beyond this value (a/d 
larger than 2.5), it is found that the a/d factor does not affect the shear strength. Many 
shear strength equations developed include this effect; most notably is Zsutty (1968), 
who included the a/d as an incremental factor for values less than 2.5, as shown in 
Equation (7.6). 
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 (7.6) 
The effect of longitudinal reinforcement (described by longitudinal reinforcement 
ratio, ρ) to the shear strength of a concrete member has been discussed in many 
literatures. Longitudinal reinforcement indirectly controls crack width by restraining 
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the opening of crack. This resulted in enhancement of shear interlock mechanism, 
which relies on the crack width. Longitudinal reinforcement also provides dowel action 
as shear resistance mechanism, which directly contributes to shear capacity. The 
contribution of ρ to the shear strength is illustrated in Figure 7.3. Realizing this, most 
equations included this effect as a factor in the shear strength determination. ACI 318 
included this factor separately in Equation (7.7), while most researchers include ρ in the 
shear resistance of concrete (see Equation (7.6) as an example). 
 
   
 
 
(√        
   
  
)     √    (7.7) 
 
 
Figure 7.3 Shear stress of a simply supported beam as a function of a/d (Kani, 1966) 
 
Based on these factors, a new formulation for shear strength is developed for 
varying axial strain in tension reinforcement,   . This parameter,   , is chosen based on 
its simplicity, which implies that as the axial strain increases, the shear strength reduces 
in magnitude. The development of the equation is empirical in nature, based on various 
tests done on reinforced concrete beams along with the available results in  
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Chapter 4.    is determined based on provided values in literature, and if it is not 
available, an analysis is conducted to determine    based on plane section theory. A 
total of 35 data of shear strength is collected from various literatures. The database is 
also supplemented by the experimental results in Chapter 4 and parametric study done 
using finite element analysis (Chapter 5). The summary of data used is shown in  
Table 7.1. 
 


















 Link beam, cyclic 200 260 1200 29.3 1.53 145.7 96.6 
BA7
1 
Link beam, cyclic 200 260 1200 43.4 1.53 139.9 60.5 
CB2
2 
Link beam, cyclic 250 340 1020 39 1.00 283.4 117.2 
HB3
3 
Link beam, cyclic 203 371 1218 69.5 1.14 288.4 246.7 
A1
4 
Simply supported 305 465 3660 24.1 1.82 233.7 44.9 
KQ-20-R1
5 
Simply supported 200 345 1400 27 0.45 91.0 0 
KQ-20-R2
5
 Simply supported 200 343 1400 27 0.74 104.0 0 
KQ-20-R3
5
 Simply supported 200 321.5 1400 27 1.58 92.6 0 
KQ-20-R4
5
 Simply supported 200 317.5 1400 27 2.39 96.6 0 
KQ-30-R1
5
 Simply supported 200 345 2200 27 0.45 57.0 0 
KQ-30-R2
5
 Simply supported 200 343 2200 27 0.74 60.0 0 
KQ-30-R3
5
 Simply supported 200 321.5 2200 27 1.58 83.0 0 
KQ-30-R4
5
 Simply supported 200 317.5 2200 27 2.39 89.0 0 
KQ-45-R1
5
 Simply supported 200 345 3000 27 0.45 51.0 0 
KQ-45-R2
5
 Simply supported 200 343 3000 27 0.74 56.0 0 
KQ-45-R3
5
 Simply supported 200 321.5 3000 27 1.58 73.0 0 
KQ-45-R4
5
 Simply supported 200 319.5 3000 27 1.97 76.0 0 
MHB1.5-0
6 
Simply supported 125 215 645 52 3.77 112.9 0 
MHB1.5-50
6
 Simply supported 125 215 645 52 3.77 208.0 101.2 
MHB1.5-100
6
 Simply supported 125 215 645 52 3.77 257.5 201.4 
MHB2.0-0
6
 Simply supported 125 215 860 52 3.77 87.9 0.0 
MHB2.0-50
6
 Simply supported 125 215 860 52 3.77 173.9 72.3 
MHB2.0-100
6
 Simply supported 125 215 860 52 3.77 193.2 143.5 
MHB2.5-0
6
 Simply supported 125 215 1075 52 3.77 56.4 0.0 
MHB2.5-50
6
 Simply supported 125 215 1075 52 3.77 138.7 52.3 
MHB2.5-100
6
 Simply supported 125 215 1075 52 3.77 164.2 104.6 
HB1.5-0
6 
Simply supported 125 215 645 73 3.77 142.2 0.0 
HB1.5-50
6
 Simply supported 125 215 645 73 3.77 246.2 101.2 
HB1.5-100
6
 Simply supported 125 215 645 73 3.77 280.3 201.4 
HB2.0-0
6
 Simply supported 125 215 860 73 3.77 99.4 0.0 
HB2.0-50
6




















 Simply supported 125 215 860 73 3.77 242.1 143.5 
HB2.5-0
6
 Simply supported 125 215 1075 73 3.77 80.4 0.0 
HB2.5-50
6
 Simply supported 125 215 1075 73 3.77 148.9 52.3 
HB2.5-100
6
 Simply supported 125 215 1075 73 3.77 183.8 104.6 
B3.1-2-a
7 
Link beam, pushover 180 303 1020 21.7 0.415 81.9 41.7 
B3.1-2-b
7 
Link beam, pushover 180 303 1020 21.7 0.415 79.0 36.5 
B3.1-2-c
7 
Link beam, pushover 180 303 1020 21.7 0.415 68.8 0 
B3.1-3-a
7 
Link beam, pushover 180 303 1020 25.5 0.622 123.8 73.0 
B3.1-3-b
7 
Link beam, pushover 180 303 1020 25.5 0.622 119.7 58.4 
B3.1-3-c
7 
Link beam, pushover 180 303 1020 25.5 0.622 88.4 0 
B2.5-2-a
7 
Link beam, pushover 180 303 825 31.7 0.415 110.3 48.6 
B2.5-2-b
7 
Link beam, pushover 180 303 825 31.7 0.415 108.3 41.7 
B2.5-2-c
7 
Link beam, pushover 180 303 825 31.7 0.415 99.7 0.0 
B2.5-3-a
7 
Link beam, pushover 180 303 825 26.6 0.622 159.9 97.3 
B2.5-3-b
7 
Link beam, pushover 180 303 825 26.6 0.622 139.4 73.0 
B2.5-3-c
7 
Link beam, pushover 180 303 825 26.6 0.622 111.3 0 
*References used, 
1
Lee and Watanabe (2003), 
2
Brena and Ihtiyar (2011), 
3






Shin et al. (1999) and 
7
parametric study (based on finite element analysis). 
 
From the literature, the shear strength is taken as the square root of the 
compressive strength. Next, the dependence of concrete shear strength on relevant 
parameters is determined. Based on data collected, there is a visible trend when the 
shear strength of concrete is taken as the contribution of concrete,    and longitudinal 
reinforcement,   . The shear contribution of longitudinal reinforcement,   , is taken to 
be similar to ACI 318’s equation, as shown in Equation (7.10) as it is developed based 
on numerous data from experimental study. From the analysis, it is found that the 
relationship between shear strength of concrete    and    is best represented by the 
equation similar to Bentz et al. (2006) and Muttoni and Ruiz (2008). Based on these 
conclusions, the equation for    is given in Equation (7.11), which includes the factor   
that increases the shear strength for a/d less than 2.5 (Equation (7.12)). 
            (7.8) 
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To correlate between    and   , ideally one would need to collect data with large 
ranges of    value. However, most of the tests conducted on reinforced concrete beams 
do not have shear reinforcement or contain minimum amount of reinforcement to 
ensure brittle shear failure. Hence, most of the available data consist of values of    less 
than the yield strain of longitudinal steel (Figure 7.4). Using non-linear regression 
analysis, the parameters C1 and C2 are 0.4 and 300 respectively, with standard error of 
0.65, and the result is shown in Figure 7.4. For a better determination of concrete shear 
strength, more data should be collected especially at larger   . 
Using this method, the equation will give excessively high shear strength for 
small values of   . Hence, maximum shear strength should be introduced to provide a 
limit for the shear strength at lower   . Based on a simple Mohr-Coulomb failure 
criterion, the maximum shear strength of concrete is given in Equation (7.13), assuming 
pure shear condition, where the total area resisting shear is taken as the total 
crossectional area (    ℎ). 
 
     
    
     
 ℎ (7.13) 
The value of    (limiting normal stress in compression) is taken as 0.85   , while    
(limiting normal stress in tension) is 0.3√    (units in MPa). Assuming     of 25 MPa 





Figure 7.4 Comparison between recorded data and the new equation for shear strength 
 
Using the newly developed equation, the curves of demand and capacity are 
compared with experimental result for load versus displacement, as shown in  
Figure 7.5. The large and sudden change in displacement at the elastic region of the 
demand curve shows the point of cracking of concrete, where the shear stiffness 
reduces by 0.9 of the initial stiffness. Except for beam B3.1-3, the demand curve gives 
a very good estimation of the overall behaviour when compared to the experiment. The 
intersection between the capacity and demand curves is taken as the failure of the 
beam. It can be seen that the equation developed underestimated the displacement at 
failure of beam B2.5-2 by approximately half of the actual ultimate displacement. 
However, it is also observed that the analyses of beam B2.5-2 using various methods 
(finite element analysis, STM and the new shear equation) yield consistently smaller 
displacement compared to the experimental result. This is possibly due to very small 
amount of shear reinforcement combined with high shear demand, causing the shear 
capacity to degrade at a much faster rate compared to the experimental study. 
The result from the new equation is compared to the experimental work of other 



























load, with details given in Table 6.1. In general, the capacity calculation using the new 
equation yield consistently higher deformation capacity compared to the methods by 
Bentz et al. (2006) and Muttoni and Ruiz (2008). For beams BA5 and CB4, the failure 
is found to be due to flexure. The demand equation used is found to be able to 
determine the backbone of the load-deformation curve of beams under cyclic load. 
However, as the boundary condition during testing for beams CB2 and CB4 is 
different, the stiffness is overestimated using the discussed method. The deformation 
capacity of all beams is predicted rather accurately.  
It can be concluded that shear deformation is very important and should be 
included in the analysis, and Equations (7.8) to (7.12) should be used for the 
determination of shear resistance of concrete. 
 
  








































(c) B2.5-2 (d) B2.5-3 



















































































(c) BA7 (d) CB2 
 
 
(e) CB4  
Figure 7.6 Load-displacement plots of beams from literature 
 
7.3    Reassessment of case study 
The methods developed are extended to the case study in Chapter 3. First, the 
load versus displacement of the shear-critical beam is developed, and next the whole 
structure is re-analysed using SAP2000 (2011) to evaluate the actual capacity of the 
structure. Using the values of material and geometrical properties in Chapter 3, the 
load-displacement curves for beam B7 is plotted and shown in Figure 7.7, using both 
































































significantly larger deformation capacity compared to the methods by MCFT and Choi 
and Park (2010). The larger ductility is due to shear deformation that is not included in 
previous analysis, which could be very high for shorter beams. However, the maximum 
displacement from the demand-capacity curves method is approximately 30 percent 
larger than using non-linear STM. STM transforms the complicated stress field in 
concrete and the reinforcements into simple struts and ties. This causes the stresses in 
ties to be different than the stresses obtained from plane stress theory, thus explaining 
the differences between the two results. Possible overestimation of the deformation 
capacity is taken care of by using the more conservative value of the load-displacement 
curve, which is the non-linear STM. 
 
 
Figure 7.7 Load-displacement curve for beam B7 
 
Using the new load-displacement curve for beam B7, the case study is reanalysed 
using SAP2000. The result of the analysis is shown in Figure 7.8. The capacity of the 
structure is shown to be able to meet the demand curve for 6% damping when the 
actual hinge capacity is used. At the performance point, all of beams B7 are found to 





















due to the failure of the infill brickwall which occurred after the performance point is 
met. Using the new model clearly provides a large advantage especially for structures 
that fails after reaching its yield capacity. Using a better model could eliminate the need 
for retrofitting of the structure and avoiding unnecessary costs. 
 
 




















CONCLUSIONS AND RECOMMENDATIONS 
8.1    Conclusions 
Due to the rise in population, more tall buildings are built in cities across Asia. 
However, after the occurrence of the Sumatra 2004 earthquake, there have been 
concerns regarding the safety of the buildings in Singapore and Peninsular Malaysia 
against seismic loading. The seismic threat to Singapore and Peninsular Malaysia arises 
from the far-field earthquakes, mainly from the Sumatra fault and subduction zone. 
This thesis studies the effect of the earthquake on a type of typical building in this 
region, and studies the deformation capacity of a structural component, namely the link 
beam, which may be insufficiently reinforced in shear. The main contributions of this 
research are outlined below.  
1. The first part of the thesis involves the determination of the seismic load for 
Singapore and Peninsular Malaysia using probabilistic seismic hazard analysis. As 
the current designed response spectrum proposed in literature is found to be too 
conservative, a new design response spectrum is proposed, which only includes the 
effect of far-field earthquakes. New amplification factors are introduced for spectral 
acceleration in soil classes C and D for building design in Singapore, Kuala 
Lumpur and its vicinity. 
2. Based on a case study of an 18-storey frame structure, the critical structural 
member likely to fail in flexural-shear mode is the intermediate length beam. It is 
found in the literature that little study has been done for these beams, and 
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conservative load-deformation capacity are obtained using available theories and 
equations. Hence, an experimental study is conducted on 4 intermediate length link-
beams with 2 different length to depth ratios and varying longitudinal reinforcement 
contents. It is found that the shear stiffness reduction is very high after cracking of 
concrete due to a larger shear demand. It is concluded that shear deformation is 
very significant and should be included in the analysis. 
3. A finite element model for the experimental study is developed using the ABAQUS 
explicit solver, due to its capability to exhibit failure and avoiding convergence 
issues. It is found that the model could anticipate the overall behaviour of the beams 
based on the load-displacement curves and the cracking patterns of the member. 
The model could also predict shear deformation comparable to the experimental 
result. 
4. Due to its length to depth ratio, a non-linear strut and tie model (STM) is developed 
to estimate the behaviour of the beams. The appropriate stiffness of the diagonal 
strut is recommended, based on the results obtained from experimental study. Also, 
a slip element is introduced to the model to include the effect of slip of the 
longitudinal reinforcement at the base support. It is found that the STM developed 
could estimate the shear deformation very well, and the inclusion of slip results in a 
better prediction of the beam behaviour.  
5. The load-deformation curve for intermediate length beams is developed using 
moment-curvature analysis. However, one should include the shear deformation 
(where shear stiffness should be taken as 0.1GAg after the concrete cracks), and 
additional deformation due to slip of the longitudinal reinforcement. In addition, for 
calculation of shear from moment, the beam length should be reduced by a factor of 
1/4 of the plastic hinge length. A new shear strength equation is developed, which 
 170 
 
is a factor of the strain in the longitudinal reinforcement and the shear span to depth 
ratio. The equation is developed based on the experimental study, and 
supplemented by literatures as well as parametric study conducted using finite 
element analysis. The equation seems to predict the failure point of the beams well, 
except for beam B2.5-2, where the failure is expected to occur at a smaller 
displacement. 
 
8.2    Recommendations 
From the research conducted, there are several areas that could not be studied due 
to the scope of the study and time constraint. The following are recommendations for 
future study. 
1. Seismicity in Peninsular Malaysia due to local fault, such as the Bukit Tinggi fault, 
should be studied, as this could govern the design of low-rise structure in this 
region. The effects of near-field earthquake to the buildings should also be 
assessed. 
2. Similar study should be conducted for short beams (L/h < 2), as these beams have 
higher shear demand, and plane section theory cannot be applied. Moreover, short 
beams designed in this region are often lightly reinforced and could fail in brittle 
manner. 
3. In the modeling of the beams using finite element analysis, it is found that a 
parameter called dilation angle significantly affects the results in terms of post-peak 
behaviour. Based on very limited literatures and experimental studies, the dilation 
angle is found to be higher for shorter beams compared to the recommended values 
in a typical structural member. Hence, this parameter should be studied to ensure a 
more consistent value could be recommended for the finite element analysis. 
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4. The strength degradation of concrete is higher when a member undergoes cyclic 
loading. Moreover, modeling of beams (using finite element analysis and STM) 
subjected to cyclic load is also different from monotonic load. Hence, tests should 
be conducted for beams undergoing cyclic load and the behaviour of the structure 
should be studied. 
5. More data should be collected (from literatures and experimental works) for a better 
correlation between the strain in longitudinal steel, εs, to the shear strength of 
concrete. Currently, most of the data collected are concentrated at lower ranges  
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